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Preface

On behalf of the Organizing Committee of BCRI 2012, we are delighted to welcome you to the conference. This is
the fourth such conference or joint symposia of Concrete Research in Ireland (CRI) and Bridge and Infrastructure
Research in Ireland (BRI). The conference topics are broader than ever, with papers covering the usual subjects of
bridges, concrete, and geotechnical engineering, as well as newer areas such as wind turbines, carbon emissions,
engineering heritage, novel materials, and computational solutions to engineering problems. As such we hope that
you find the conference intellectually stimulating, and that it provides you with ideas and solutions for the engineering

problems of the 21st century.

As we look to the future, we are confident of the strong national and growing international support for this conference
series. In the past it has proved a vital communication conduit between industry and academia on the island, and
has been a formative event for many young researchers. In the future we hope to strengthen these aims. To this end,
and to reflect the widening themes, the Organizing Committee of BCRI 2012 are proposing a re-branding of the series
for 2014 and beyond, and the establishment of an association dedicated to running the event. All delegates are
invited to attend the formative meeting (announced in the delegate pack) of the Civil Engineering Research

Association of Ireland (CERAI) and to put forward their views on its governance and direction for the future.

For the present, we are extremely grateful to the joint hosts for facilitating this event. In particular the committee
wishes to thank, Mr Joe Kindregan, Head of Department of Civil & Structural Engineering; Mr John Turner, Head of
the School of Civil and Building Services Engineering of Dublin Institute of Technology; Prof. Biswajit Basu, Head of
the Department of Civil, Structural, and Environmental Engineering; and Prof. Margaret O’Mahony, Head of the School

of Engineering at Trinity College Dublin.

On your behalf, we also extend our thanks and appreciation to the members of the Scientific Committee. Throughout
the organizing of the conference, they generously gave their valuable time and expertise to assure the quality and

success of the conference.

Great thanks are also due to the support staff of both institutions. Administration and technical staff, and
postgraduate students at both institutions played an important role in delivering the conference. Indeed the previous
hosts, CIT and UCC, and in particular Dr Michael Creed, ensured a smooth transition between venues. Paul Killoran
of Exordo has offered great support in the running of the website and conference engine and Sophia Westwick

provided us with graphic designs in the short time available.

We are most grateful to our sponsors: Cement Manufacturers Ireland, EcoCem, Engineers Ireland, the Republic of
Ireland Branch of the Institution of Structural Engineers, The Irish Concrete Society, Roughan & O’Donovan, and
Science Foundation Ireland. Without their kind and generous support, it simply would not be possible to deliver the

conference to the same quality and value.

Finally, we must acknowledge the dedication, hard work, and significant time commitment of the members of the
Organizing Committee, many of whom incurred personal expense and spent many long hours travelling to and from
meetings. The conference could not exist without this engagement of our peers and mere thanks seem insufficient
recompense for their efforts. To name but one, and without fear of objection, we wish to single out Dr Niall Holmes,

Conference Secretary, for special praise and thanks for his significant efforts in ensuring the success of the event.

It is our great honour and privilege to welcome you to BCRI 2012.

Dr Colin Caprani
Dr Alan O’Connor
Co-Chairs, BCRI 2012
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Problems: inspiration for innovative solutions - lessons from over forty years of
reinforced concrete research

Adrian E. Long"
YEmeritus Professor of Civil Engineering,, Queen’s University Belfast

ABSTRACT: When reinforced concrete arrived on the scene over one hundred years ago it was acclaimed as the ideal solution
to many structural problems. In particular as Roman concrete had stood the test of time its long term durability was not
questioned. However it is now acknowledged that like all materials exposed to the environment reinforced concrete has its own
problems in relation to long term strength and durability. Three areas of research which impinge on these important subjects will

be discussed in some detail in this paper:

1. The development of innovative in-situ test equipment to monitor the long term durability of concrete and potentially

estimate the remaining life of existing structures

2. Taking advantage of the benefits of the enhanced strength of restrained slabs for bridge deck slabs and for cellular concrete

structures.

3. Research and development on an innovative, flexible concrete arch system which requires no centring, has no corrodible

reinforcement and can be rapidly constructed.

How each of these problems arose will be discussed in order to give an insight into how problems can be a great source of
inspiration to those who have accepted the challenge of finding a solution. In addition some more general guidance will be given
on how the likelihood of success in solving problems can be improved.

KEY WORDS: Arch, Bridges, Compressive Membrane Action, Pull-off Test, Transport Properties, Precast Concrete,

Sustainability

1 INTRODUCTION

In general members of society are anxious to avoid problems;
however leading researchers and eminent engineers relish the
challenge of a new problem as it often motivates them to
produce a creative but practical solution. A creativity
researcher at Harvard Business School, Professor Amabile, (in
EPSRC Newsline, 2006) identified three essential traits that
creative individuals have:
e  Wide ranging and deep knowledge of their subject
e Loving their subject and a strong motivation to solve the
problem

e  Creative ways of thinking

Of all these, Professor Amabile considers the most
important to be motivation. According to Andy Burnett of
Know Innovation in an article in the EPSRC Newsline, 2006:

“It’s the intrinsic motivation which actually keeps people
going, nagging away at a problem long enough to develop
new solutions; this probably explains where inspiration
comes from”.

Many attending the BCRI 2012 Conference will agree that
few of us have ‘Eureka’ moments like Archimedes hence we
can relate well to the above sentiment. Looking back on over
40 years of research | now realise how much | have depended
on the motivation derived from trying to solve specific
problems. Three examples are given in this paper and an
attempt is made to place them in context:

1. The Development of novel in-situ test methods
2. The enhanced strength of restrained slabs and

3. The ‘FlexiArch’ for the rapid construction of Arch
bridges.

In the article in the EPSRC Newsline it is acknowledged
that even top scientists needed to use grit and determination to
achieve their goals. Yes, even Albert Einstein needed great
problems to inspire him-physicists around the world were
striving around 1900 to understand experiments that could not
be explained. Existing theories could not explain these
phenomena but it really bothered Einstein and sparked his
motivation so much so that in 1905 (his miracle year) he
published three papers which were the foundation for his
worldwide reputation.

Similarly the great biologist and bacteriologist Louis
Pasteur was in no doubt as to what lay behind his great
achievement- he acknowledged that the secret that led him to
his goal was solely his tenacity. He also commented that
“chance favours only the prepared mind,” which is not
dissimilar to the comment made by the great golfer Gary
Player- “the more | practice the luckier | get”. Thus we should
not be afraid to admit that our achievements in research are
often 10% inspiration and 90% perspiration. Whilst hard graft
is essential we should not forget what motivates us. Our
bridge research will be more effective if it is problem
orientated so that we can help provide our society with a more
cost effective and sustainable infrastructure in the future.
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2 DEVELOPMENT OF NOVEL
METHODS

2.1  Background

In the early 1970’s the problems associated with the potential
collapse of hundreds of buildings in the UK, which had been
built using precast concrete units manufactured using High
Alumina Cement Content (HAC) concrete, were causing
great concern [1]. The deterioration in strength of HAC
concrete in adverse circumstances meant that there was a need
for a reliable, simple and cost effective means of assessing the
in-situ strength of the concrete in these units. Recognition of
this problem was a major source of motivation for the
development of the ‘Pull-off test,” [2] a partially destructive
test which caused much less damage than the extraction of
cores and was more suitable for use on small precast units.
The Pull-off test also had the benefit that when used with a
partial core it allowed the strength of the weaker concrete in
the core of the precast HAC concrete units to be assessed.
Subsequently this partially destructive test has also proven to
be useful for OPC concrete and for assessing the quality of
patch repairs. However by the early 1980s the deterioration of
more conventional RC structures had become a much greater
problem for the construction industry and it became clear that
there was a need for a method of assessing the permeability of
concrete on site.

Traditional methods for measuring the permeation
properties of concrete, such as the Initial Surface Absorption
Test (ISAT) were cumbersome and very inconvenient to use
on site. This was a source of motivation for the development
of the CLAM test at Queen’s University and over the past 3
decades much research has been carried out to develop
equipment for assessing the in-situ transport properties of
concrete. More specific information on these test methods will
now be provided.

IN-SITU  TEST

2.2 Measurement of Strength

2.2.1  The Pull-off test

The pull-off test is based on the concept that the “tensile
strength” of a layer of surface concrete can be related to the
compressive strength of the concrete (Figure 1). The
“LIMPET”, developed at The Queen’s University of Belfast
can then be used to measure the tensile force to “pull-off” the
disc and a nominal tensile strength calculated on the basis of
the disc diameter (usually 50mm). To convert this tensile
strength into a cube compressive strength an empirical
correlation curve is normally required (Figure 2). It should
also be noted that the Pull-off test gives a good indication of
the tensile strength or the fracture strength which is one of the
most important factors in relation to the rate of deterioration.
Unlike most other partially destructive tests, the variation in
strength with depth can be determined by using partial coring
and this technique is also invaluable for assessing the bond
strength of patch repairs.

www.bcri.ie
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Figure 1. Schematic diagram showing the procedures used to
complete a Pull-off test.
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Figure 2. Pull-off test results.

Using the Pull-off test, it has been found that within-test
variability is sufficiently low to allow the natural variations in
strength from one location to another to be detected (eg
bottom vs. top of columns). In addition, the effects of maturity
are automatically included and useful information obtained on
partial safety factors for in-situ variability [3].

2.3 Measurement of Permeation/Transport Properties

The main transport processes which describe the movement of
aggressive substances through concrete can be categorised as
absorption, permeability and diffusion [4]. Here it should be
noted that the mechanisms of deterioration and their rate are
controlled by the environment, the paste microstructure and
the fracture strength of the concrete. Environmental factors
such as seasonal temperature variations, cyclical freezing and
thawing, rainfall and relative humidity changes, and
concentration  of  deleterious  chemicals in  the
atmosphere/water in contact with the concrete are the main
causes of degradation. However, the single most important
parameter that leads to premature deterioration is the ingress
of moisture into the concrete [5, 6]. Permeability of concrete
to the macro-environment during its service life therefore can
be used as a measure of its durability.
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2.3.1  Absorption and Permeability Testing

When the ‘Clam’ test was first reported [7], in the early
eighties, it had been developed to overcome some of the
problems associated with the standard |Initial Surface
Absorption Test (ISAT) such as achieving a watertight seal
and accurately measuring the flow rate. Initially it was only a
water permeability test but it was then modified and the
‘Universal Clam’ produced which enabled both water and air
permeability to be measured. In the early nineties Basheer [8]
completed further development work that not only
standardised all the tests but also made the whole process
fully automatic. This wversion of the Clam, the
“AUTOCLAM?”, is now controlled by a microprocessor and
has a complete data acquisition and transfer facility to enable
analysis of the results by computer. The “AUTOCLAM” has
been available commercially for over fifteen years and three
types of test are now possible: water absorption, air
permeability and water permeability. All three tests are quick
and simple to perform both on-site and in the laboratory.

An indication of the relevance of permeability testing to
durability testing can be observed from a comprehensive
series of tests by Basheer [8]. The high permeability values
obtained from the ‘AUTOCLAM’ (Figure 3) show a strong
correlation with the levels of freeze-thaw damage.

Clam WP Index
(Cu.m x E-7 /|min)

Figure 3. Risk levels based on extent of deterioration caused
by freezing and thawing [8].

2.3.2 Diffusion Tests

More recently there has been an increased interest in ionic
diffusion tests because the rate at which chloride ions diffuse
through concrete is closely related to the corrosion of
reinforcement. The chloride diffusion coefficient can be
determined from several types of test, but in this paper the
discussion will be limited to just one test technique which can
be carried out in-situ or in the laboratory. Other tests require
cores to be extracted.

‘PERMIT ION MIGRATION TEST’: This test, developed
over ten years ago at The Queen’s University of Belfast, has
the advantage that the migration coefficient of concrete on site
can be determined and, cores need not be taken. Full details of
the equipment are given in Andrews [9] and the basic concept
is shown in Figure 4.
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Figure 4. Section of the Permit ion migration test [9].

Basically it consists of two concentric cylinders, placed on
the concrete surface, and then sealed to prevent any flow
between them along the surface of the concrete. In this
accelerated test a potential difference of 60v dc is applied
between the anode and the cathode which forces chloride ions
to travel from the anode to the cathode through the concrete in
the near surface zone. After about 6 to 10 hours, depending on
the quality of the concrete, a steady migration of chlorides
into the outer cell is achieved, and the chloride migration
coefficient can be calculated [9]. This correlates well with the
effective diffusion coefficient (Figure 5). Thus the Permit ion
migration test, now available commercially, can be used to
determine the diffusion characteristics of concrete on site.
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Figure 5. Correlations between Permit in-situ migration index
and effective diffusion coefficient [9].

2.4  Assessment of the Durability of Concrete Bridges

Experience gained in the use of some of these tests will be
presented to highlight unforeseen problems or limitations
when used to assess the conditions of structures in the field.

In the late 1980s, six motorway bridges, built between 1960
and 1970, were assessed in Northern Ireland. Full details of
the tests and the resulting analysis are presented in [10].
Subsequently, when one of the piers was being prepared for
repair, it was found that the areas of high permeability
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generally  coincided with locations of significant
reinforcement corrosion. Thus an early evaluation of the
surface permeability of the concrete in the pier would have
provided useful indications of the likely future deterioration of
the structure. Appropriate remedial action could then have
been taken.

In 1997/98 researchers from Queen’s University, Belfast,
and McGill University, Montreal, along with industrial
partners, were involved in the assessment of corrosion-
induced damage in the deck of the Dickson bridge in Montreal
[11]. An extensive half-cell potential survey was carried out,
and, from the resulting contour map, thirty-five sites,
measuring approximately 1m by 2m, were selected for further
detailed analysis. All types of tests referred to in this part of
the paper were used in this study. As expected, areas of high
chloride content and low cover exhibited the highest levels of
corrosion, however, variations in strength did not correlate
well with evidence of deterioration. Permeability, diffusivity
and resistivity measurements provided much useful
information. The value of using a combination of tests was
confirmed and an extremely valuable databank has been built
up. More detailed information is given in reference [11].

2.5 Conclusions on In-situ Test Methods

In the assessment of durability, the following potential uses
for strength, permeability and diffusion testing have been
identified:

1. Estimating the life of new structures: Here the equipment
has been used to develop a “mix design for durability”
[12] and important trends have been identified (Figure 6)
which could be extremely relevant to new construction.

2. Assessing the remaining life of existing structures: The
good correlation between permeability indices and
durability characteristics can allow remedial action to be
taken before irreparable damage has occurred.

However to overcome the challenges in 1 and 2 it is
essential for practising engineers to work closely with those
involved in relevant research. In this context the ‘LIMPET’,
the ‘AUTOCLAM’ and the ‘PERMIT ION MIGRATION
TEST’ (Figure 7) could be invaluable tools for generating
useful data.
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Figure 6. Influence of mixture proportion on Autoclam air
permeability index (w/c — water/cement, a/c —
aggregate/cement).
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Figure 7. Permit, Limpet and Autoclam (from left to right).

3 ENHANCED STRENGTH OF RESTRAINED SLABS

3.1  Background

In my PhD research [13], | focused on the problem of
developing a better understanding of the failures at the slab
column junction of flat plates when they were subjected to
shear and moment transfer. A new type of test set-up was
developed where full panels were tested with their edges
restrained so as to reproduce the boundary conditions which
would occur (Figure 8). A number of tests were carried out in
parallel with an analytically based prediction method. As very
few test results were available for combined moment and
shear transfer the main focus of the analysis had to be on the
shear or concentrically loaded specimens, where numerous
tests had been carried out between 1908 and the early 1960’s.
The rational approach developed gave very good correlation
[14] with the test results in the literature; however when
applied to the concentrically loaded full panel specimens
Prest/Prredicted Was of the order of 1.4 - 1.5 i.e., the prediction
model significantly underestimated the punching strength in
this instance.

Very few PhD students must have encountered such a
problem where their method of prediction worked well for the
tests of all others but not for their own tests. However, arising
from this problem, | was steered towards a very productive
and rewarding area of research. By good fortune | had had an
earlier introduction to the concept of Arching Action by RH
Wood who subsequently wrote an outstanding book on the
subject [15]. In 1964 Wood had shown me his model test
specimens for the floating airport at Maplin (on the Thames
Estuary) and he had rightly recognised the potential benefits
Arching Action could give to Structural Engineers involved in
the design of restrained slabs. Thus in my PhD thesis, I
acknowledged that Arching Action was the reason for the
difference and | parked the problem as a future topic for a
PhD student.

3.2 The concept of Arching action in slabs

The tests carried out by Ockleston [16] on interior panels of
the Old Dental Hospital in Johannesburg revealed collapse
loads of 3~4 times those predicted by the yield line method.
This enhanced capacity was attributed to the development of
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an internal arching mechanism arising from the restraining
effect of the surrounding panels. The concept of arching can
best be understood by referring to Figure 9. With the
development of tension cracks at mid-span and at the supports
the beam tries to expand longitudinally but as it is restrained,
corresponding forces are induced which allow it to sustain a
substantial load on the basis of the arching thrusts which
develop as the deformation increases.
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(a) Details of edge restraining system;
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(b) Idealised function of edge restrains;

Figure 8. Boundary conditions for combined shear and
moment transfer [13].

applied

external lateral load

Figure 9. Arching action in a typical bridge deck slab.

Similar actions take place in two-way systems where a
dome or membrane rather than an arch is generated and this
phenomenon is generally referred to as "Compressive
Membrane Action" (CMA) The extent of the enhancement
provided by compressive membrane action, over and above
the flexural strength, depends on the degree of restraint
provided by the surrounding structure. A typical load
deflection curve with the notional contributions of CMA and
flexural action separately identified is given in Figure 10.
Here it is of interest to note that my first PhD student in
Canada demonstrated that, by taking into account the inherent
CMA that could develop in full panel models, it was possible
to accurately predict the ultimate capacity of these specimens
[17].
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3.2.1  Relevance to Bridge Deck Slabs

Tests on model bridge deck slabs in Canada, in the late 1960s
revealed considerable reserves of strength against punching
failure [18]. As a result of the author’s input this enhancement
was attributed to CMA and here it is important to note that
bridge decks represent one of the first areas to be considered
appropriate for the utilisation of these design concepts. This is
largely because the major localised loading is transient in
nature and hence creep, which may reduce the enhancing
effects of CMA, is of little importance. Subsequently, a
conservative design method was produced and the Canadian
design standards [19] for beam and slab bridges, only nominal
transverse reinforcement, 0.3% was required to resist
concentrated wheel loadings as opposed to the 1.7% based on
flexural design requirements.

Here it is important to note that bridges with spans of up to
30m constitute the vast majority of road infrastructure bridges
in service across the world - whether it be for
overpasses/underpasses for motorways or for minor river
crossings. Within this category of bridges concrete deck slabs
are widely used whether in combination with pre-cast pre-
stressed concrete beams or steel girders. A similar type of
deck can also be utilised for many medium span bridges hence
the importance of designing a durable deck system cannot be
overemphasised.

3.3 Research on Arching Action in the UK

3.3.1

In the knowledge of the research carried out in Canada on
AASHTO girder based beam and slab bridge decks it was
decided that parallel tests should be carried out on spaced M-
beam (essentially a range of depths of prestressed I-beams
with a narrow top flange and a broad bottom flange 1m wide)
decks to determine whether similar reductions in transverse
reinforcement were possible. This would allow a slightly
larger M-beam to be used at a spacing of 1.5m or 2.0m with
consequent savings relative to smaller M- beams at 1.0m
spacing. In order to establish the strength of the slabs
spanning between beams a one-third scale model bridge deck
was constructed in the laboratory and tested at Queen's
University Belfast, in the late 1970s. Figure 11 clearly shows
that design codes do not give a satisfactory prediction of the
punching shear capacity of typical bridge slabs and a more
appropriate method which allows for in-plane restraint was
therefore developed [20]. As can be seen from Figure 11 the
proposed method of predicting the punching shear strength of
reinforced concrete bridge slabs gives good correlation with
the results from the one-third scale model. This method has
now been endorsed by the UK Highways Agency and is
included in BD81/02 [21].

The widths of the cracks induced in the slabs were
monitored during the model tests however, as scale effects can
affect the accuracy of these measurements full-scale tests [22]
were subsequently carried out on a bridge built by the
Northern Ireland Roads Service. It was found that the slabs
easily satisfied the serviceability limit state requirements and
this research led to the adoption of a less conservative design
approach for M-beam bridge deck slabs (0.5% reinforcement)
by the then Department of the Environment for Northern
Ireland.

Validation tests in Northern Ireland
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Figure 11. Test results of one-third scale model bridge deck.
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Figure 12. Comparison of the total unit cost of beam and slab
superstructure over their service life.

3.3.2

From a structural viewpoint the following benefits are

evident:

1. Reduction in reinforcement (from 1.7% to 0.5% or less)

2. Same slab depth for greater spacing of beams

3. Lower overall cost of bridge superstructure as one larger
beam at 2m centres is less expensive than two smaller
beams at 1m centres.

Thus substantial reductions in costs can be achieved whilst
at the same time retaining comparable strength and durability.
However, if the long-term durability of the bridge deck could
be increased at a modest increase in cost then the whole life
cost could be reduced as can be shown schematically in
Figure 12. Thus the challenge to designers is to achieve the
type of relative performance achieved by the CMA deck
(enhanced durability). Significant progress of this front has
been achieved in Canada and the UK in the last two decades.

Review of the Advantages Arising from CMA
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A further benefit is that the enhancing effects of CMA mean
that slabs can carry significantly higher loads that would have
been predicted on the basis of flexural methods of analysis.
This is of direct relevance to Assessment Codes [23] and this
research has resulted in savings to the UK economy of well
over £300M in the last decade (otherwise structures would
have had to be replaced).

3.4 Improved Sustainability by Design

The system developed in Canada, focused on steel concrete
composite bridges [24]. As pre-cast prestressed concrete
beams tend to be significantly more popular in Europe the
tests in NI [25] have focused on the following subjects:

Concrete -As well as considering the addition of fibres,
advantage is being taken of the fact that for a given degree of
restraint the strength of slabs developing CMA is significantly
enhanced by increases in  concrete strength.

Reinforcement -Apart from considering the lower
percentages of top and bottom reinforcement (0.5% vs. 1.7%)
site and laboratory tests have been carried out on;

4. Conventional steel reinforcement located in a single layer
at the centre of the slab (greatly increased cover).
5. Glass fire reinforced plastic reinforcing bars.

Both approaches have performed well, as anticipated, and it
is clear that by using high strength concrete (with or without
fibres) in conjunction with corrosion free reinforcement,
bridge decks could be produced which should be virtually
maintenance free. However, it is not only beam and slab
bridges that can benefit from the strength enhancing effect of
CMA. Other forms of construction which could take
advantage of CMA include box girders and cellular concrete
structures such as offshore installations [26] /floating airports.

3.5  Conclusions from CMA Research

A sufficient understanding of the structural benefits of
compressive membrane action for restrained slabs has now
been achieved. This allows:

e The enhanced strength and serviceability of laterally

restrained slabs to be taken into account in the assessment

of beam and slab bridge decks, cellular concrete
structures etc.

CMA concepts to be incorporated into relevant national

design codes. Already this is accepted in Ontario,

Canada [19] and in the UK [21].

e The development of highly durable deck slabs for bridges
or floating airports which will be virtually maintenance
free.

The net effect of all the above is more cost effective slab
systems that exhibit greatly enhanced sustainability relative to
existing designs.

4 THE ‘FLEXIARCH’ FOR THE
CONSTRUCTION OF ARCH BRIDGES

4.1  Background

RAPID

In the 1990s the author was returning to Belfast with Gordon
Millington after a meeting of the Structural Group Board of
the Institution of Civil Engineers and Gordon asked this
question: “Why is it that very few arch bridges have been built
since the early 1900s as they are aesthetic, strong, and durable
and require little maintenance?” This perceptive question
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identified real problems, acted as a catalyst for the work and
over the next few years a number of research projects were
targeted at the resolution of this issue. Early on it was realised
that centring, with its high cost and intensive labour
requirements, was a major stumbling block, as was the need
for skilled bricklayers and stonemasons. However, it took
until the late 1990s before the basic concept of the

‘FlexiArch’ was realised. In hindsight the previous experience

of the first author had a significant influence on the Patent

[27]. These included:

e Over thirty years of research on concrete including
arching action in reinforced concrete slabs.

o Design of concrete hinges to allow articulation in bridges,
when working on bridge design with FENCO, Toronto in
the 1960s.

e Understanding of the concept of aggregate interlock as a
means of resisting shear (Supervision of research in the
1980s).

e Basic understanding of geotextiles from parallel research
at Queen’s University Belfast in the 1980s. The
flat/flexible characteristics of polymeric reinforcement
are ideal for these applications and have the benefit of
being non-corrodible.

Transforming these ideas into a form suitable for a patent
needed someone with experience of research and bridge
design and fortunately a former PhD student, Dr Jim
Kirkpatrick, was able to provide this expertise with support
from a Patent Agent and Queen’s University. Once the Patent
had been filed it was decided that close links with a Precast
manufacture with relevant expertise would be essential to
develop the ‘FlexiArch’ system. Macrete Ireland (in
Toomebridge-30 miles from the University) were approached,
as they had wide experience of producing precast concrete
beams and arches for markets in GB and Ireland. Realising the
potential of the ‘FlexiArch’, they became enthusiastic
members of the team. Over the past 6-7 years enormous
advances have been made as can be seen from the rest of this
paper.

4.2 Basic concept

It is no longer economically viable to construct a masonry
arch in the traditional way due to the cost of accurate centring
and the preparation of the masonry blocks. In order to provide
a viable alternative, the ‘FlexiArch’ is constructed and
transported in the form of a flat pack using a polymer grid
reinforcement to carry the self weight during lifting but
behaves as a masonry arch once in place. Basically there are
two options for the construction of the arch unit:

e The wvoussoirs can be pre-cast individually, laid
contiguously in a horizontal line with a layer of polymer
grid reinforcement placed on top. An in-situ layer of
concrete, approximately 40mm thick, is placed on top and
allowed to harden to interconnect the voussoirs, Figure
13(a).

e Alternatively, it can be made in a single casting operation
by using a shutter with wedge formers spaced to simulate
the tapered voussoirs, Figure 13(b).

The arch unit can be cast in convenient widths to suit the
design requirement, site restrictions and available lifting
capacity. When lifted, the wedge shaped gaps close, concrete
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hinges form in the top layer of concrete and the unit is
supported by tension in the polymer grid. The arch shaped
units are then placed on precast footings and all self-weight is
then transferred from tension in the polymer to compression in
the “voussoir” elements of the arch.

4.1 Fabrication and Installation

A prototype arch unit of 5m span, 2m rise and 2.5m internal
radius was constructed and lifted. This arch required twenty-
three precast voussoirs which were 1m wide and 200mm deep
with a 40mm slab interconnecting in-situ screed incorporated
150/15 Paragrid. During lifting the arch drags at the each end
and when the end cantilevers are fully effective they produce
a hogging moment in the mid span region which assists in the
formation of the arch. As maximum bending moment occurs
at the lifting points for the cantilever ends and to simulate this
condition a series of short beam elements were tested to
establish the capacity and to investigate the rate of creep in the
low modulus polymer reinforcement. The results of these
tests have demonstrated that the arch system has an adequate
factor of safety during the lifting procedure. The lifting
sequence is shown in Figure 14.

in-situ screed

individually cast—"
VOussoirs

polymeric
reinforcement

(a) Construction of arch unit using pre-cast individual
voussoir concrete blocks;

polymeric
reinforcement

formwork

(b) Monolithic construction of the arch unit using preformed
wedges.

Figure 13. Details of arch construction.

The arch unit complete with tapered seating is shown in
Figure 14c. Subsequently, an anchor block detail was
designed for the seating of the arch ring. The anchor block
caters for the slope of the last voussoir enabling the arch to
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from correctly. It also provided some lateral restraint to the
arch ring both during construction, prior to completion of the
arch system with spandrel walls and backfill, and in the long-

term under live loading.

- e
I

(a) “Flat-Pack™ arch system;

(b) Arch unit during lifting;

(c) Arch located on tapered seating units;

Figure 14. Arch erection sequence.
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Figure 15. Full arch system.

4.2  Testing the ‘FlexiArch’ system

To assess the flexibility of this system whilst being back
filled, a stability test was conducted and the arch unit (one
meter wide) was monitored for horizontal deflections, vertical
deflections and strain at the voussoirs joints. It was originally
intended to use Type 6S granular backfill, however, after a
preliminary cost estimate for this span, it was decided to trial
the use of lean mix concrete as a backfill option. Very little
movement took place and the system was very stable. This
system was load tested using a simulated static wheel load
applied at (1) midspan and (2) the third span of the arch ring.
For both loading locations the arch system carried over 35t
without showing signs of distress (that is, six times the design
load for a single wheel load). Further details of the tests are
given in reference [28].

A complete 5m wide arch bridge with a 5m span and 2m
rise including spandrel walls and fill has been constructed at
Macrete (Figure 15). Load testing up to 70t has been
successfully carried out using two 50t hydraulic jacks.
Subsequently, ‘FlexiArch’ units 10m span x 2m rise and 15m
span x 3m rise have been successfully tested at Macrete and
numerous model tests have been carried out at Queen’s
University to validate the system.

4.3  Conclusions for the Novel Arch System

Experience has shown that arch bridges are highly durable
structures requiring little maintenance in comparison with
other bridge forms. Thus, the objective of the new Highway
Agency Standard [29] is welcomed especially if it encourages
a renaissance in arch building using unreinforced masonry
materials.

The novel arch system has been demonstrated, in tests
reported in this and other papers, to be a viable alternative to
long established methods of construction and the following
advantages have been identified:

e As the Arch system is cast horizontally it can
conveniently be transported to site in a “flat pack”
form.

e As centring is not required during installation this greatly
simplifies the process and enhances the speed of
construction.

e As there is no corrodible reinforcement the long term
durability should be assured.
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e The system is cost competitive with alternatives such as
RC box culverts which do not share the aesthetic benefits
or the longevity of an arch.

Over 30 ‘FlexiArch’ bridges have been built to date in the
UK and Ireland and many advances have been made [30].
Both road and foot/cycleway bridges with spans ranging from
4m to 15m have been successfully installed and in all cases
the contractors have quickly embraced the new concept. In a
number of instances they have decided to utilise ‘FlexiArch’
units in subsequent projects.

5 CONCLUDING REMARKS

In my research over the past 40 years | have been fortunate to
have worked on a number of problems which have allowed
me, and the talented people | have been privileged to work
with, to advance our knowledge of some factors which
influence the durability and strength of Reinforced Concrete
structures. In the context of the specific topics discussed in
this paper the following conclusions have been reached:

1. Research and development on improved in-situ test
methods for assessing the strength and in particular the
transport properties of concrete have allowed progress to
be made on enhanced durability by design. Commercially
available equipment is now used internationally

2. Taking advantage of the benefits of compressive
membrane action in restrained slabs has led to the
development of highly durable bridge deck slabs and
cellular reinforced concrete structures. Over the last
decade savings of over £200 million have been made in
the UK alone by taking advantage of this research

3. The rapid installation of arch bridges is enabled by the
use of the innovative ‘FlexiArch’ which has been proven
by research to have all the attributes of conventional
masonry arch such as strength, durability and aesthetic
appearance. Over thirty ‘FlexiArch’ bridges are now in
service with spans ranging from 4m to 15m.

I would also like to take the opportunity in this keynote
address of commenting more generally on the problem
solving attributes that many engineers/researchers have in
their DNA. Personally | have found that they love solving
problems but unfortunately they are not always good at
recognising the right one for them. From my own experience
of research you can:

1. find a suitable problem yourself if you keep abreast of
research in your field

2. stumble across a problem by accident or

3. rely on discussions with other members of our profession
to help you identify problems

In order to have a better chance of achieving a successful
solution you should:

e focus on those where you have inherent
strengths

e be selective i.e. avoid battling on too many fronts or
jumping from topic to topic

e ensure it is timely i.e. not too early in the field or starting
too late to make an impact, but remember that some
researchers spend over 50 years working on a specific
topic of research

e once you have opted for a specific problem you should
embrace it and seek out all ways of arriving at a solution

or natural
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including working with others when the expertise in your
team is lacking
It has been a great privilege to work at what you love doing
but my 30 years as a Professor has made me acutely aware
that all academics are not equally good at teaching, research
and administration. We all have our strengths and weaknesses
but by working as a team we can achieve the balance which
can lead to excellence on all fronts.
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Making sense of bridge monitoring
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ABSTRACT: This paper presents a vision for the future monitoring systems which will become normal requirements for
management of bridges as key objects of national infrastructure in the UK and elsewhere. Rather than being pushed by
authorities and legislation, we expect that bridge managers will recognize the clear business cases for investing in well-designed
targeted monitoring. To support this proposition, the paper presents three case studies where state-of-the-art bridge monitoring
technology was used or potentially could be used to manage the following key aspects of bridge operation and maintenance:

e  Assessing bridge live load and long-term ultimate strength based on realistic live strain response data.

e Deciding when to inspect and change bridge bearings

e Deciding when to close various traffic lanes to reduce probability of overstressing bridge structural components.

KEY WORDS: Monitoring, Bridge, Structural Performance Monitoring, Decision Making, Asset Management

1 INTRODUCTION

The UK Government's 2011 National Infrastructure Plan [1]
signalled the need for investments of up to £250bn over 10
years to return UK infrastructure (transport, power,
communications, water, and waste) to world class levels of
performance. Only about a third of this can be provided from
a public purse in the UK. The rest must come from private
funding - most likely overseas sovereign investment funds.
The key problem is clearly how to attract such funding and
how to convince private finance that the investment in the UK
infrastructure is sound. Having hard data about past and future
physical performance of such infrastructure is a way forward
to justify investment and attract private funding. In fact, it
could well be the only way forward.

Focusing on bridges as key elements of any national
infrastructure, the American Society of Civil Engineers
(ASCE) reports a cost of $140bn to repair all deficient bridges
in the United States [2]. Similar to the UK, whilst taxpayers in
the USA can be expected to fund a small proportion of such
enormous investment, as for the general infrastructure
mentioned above, the remainder must come from private
sources. The primary requirements for attracting both private
and public investment in an infrastructure asset are managed
risk and reliability of performance in continuous operation
with ever increasing service and safety demands. Maximising
return on investment requires minimisation of costs necessary
to achieve that performance - put simply getting more from
less. These requirements highlight the process of the whole-
life performance management of civil infrastructure, a process
involving decisions about design, construction, operation,
maintenance, repair, decommissioning and demolition.
Ensuring that such decisions are informed, correct and cost
effective is the most important unsolved challenge in civil
infrastructure management, attracting hundreds of researchers
and multi-£EM global research investment. These people and
this investment are all trying to solve one of the most

challenging problems in civil structural engineering
nowadays: how to convert testing and monitoring data from
objects of infrastructure, into knowledge and decision making
when managing infrastructure as public assets? The problem
is particularly acute for bridges, considering their importance,
and is really about how to make sense of bridge testing and
monitoring data. This research has yet to deliver significant
benefits in the real world due to incoherent engagement with
stakeholders, misdirected emphasis in the past focusing on
hardware rather than data interpretation, tendency to view
infrastructure assets in isolation and the lack of a systematic
approach to link experiences between different structures.
This is a recognised problem in the USA and Federal
Highway Administration (FHWA) are still “working the
problem” [4].

Focusing on bridges, the above stated problem is obviously
not new. A paradigm shift is needed across the board and with
all stakeholders in the way how bridges are managed from
their conception to their decommissioning. Considerable
cultural changes are needed and these will follow changes in
the business models used for managing bridges including the
legal and economical framework within which public assets
like bridges operate. This applies not only to the USA, but
also to the UK, Europe and rest of the world. The prolonged
crisis which has been shaking the foundations of the world
economy for several years now may well become a badly
needed catalyst for the required paradigm shift.

The continued drive for better and more enduring
performance from bridges is crippled by the lack of
technically sound, reliable, harmonised and economic means
for monitoring asset condition. Hence, informed decision
making by bridge managers is severely impaired. There is
potential nowadays to transform monitoring into an enabling
technology that will revolutionise the decision making process
at all stages of an infrastructure’s life-cycle: from design to
demolition. This will yield extraordinary reduction of the
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currently very high direct and indirect cost of bridge
performance management. The enabling technology will also
foster growth of the infrastructure monitoring and decision
support systems as a new technology sector which key role
would be to resolve the £multi-trillion global challenge of
managing deteriorating and failing infrastructure.

The aim of this keynote paper is therefore to present a case
and vision for this paradigm shift, making use of existing
examples not only in civil engineering, but also in other
engineering disciplines where such paradigm shifts happened
and changed forever the ways how industries operated.

2 FUNDAMENTAL CAUSES OF PROBLEM

In essence, the problem lies in the nature of civil structural
engineering design and disproportionately low level and
certainty of information on which it is based relative to the
huge importance of such structures. Because of this, in civil
engineering the acceptable level of risk of structural failure or
lack of its serviceability is at least an order of magnitude
lower than for more technologically advanced structures
employed in mechanical and aerospace engineering [1]. There
are three key reasons for this low risk approach:

1. Civil infrastructure, in particular major long-span bridges,
underpin human society and supports not only traffic but
the daily lives of hundreds of thousands of people and
economies of linked regions.

2. Unlike aircraft, automobiles, trains and other mass
produced machinery, which are extensively tested as
prototypes during their design, objects of civil
infrastructure including bridges are unique one-off
designs with no opportunity for extensive prototype
testing during design and before going into service. As
such, they are designed with considerably reduced
knowledge base and their structural performance is
poorly understood making prediction of future behaviour
difficult if not impossible.

3. The ambiguity and degree of uncertainty related to the
actual operation of the structure, and potential increases
in load and usage in the future, force the use of an
extremely conservative design embedded in design
guidelines which are used instead of prototype testing.

Notwithstanding the low-risk design methodology, critical
infrastructure items such bridges deteriorate with time to such
a point that, if no action is taken, they become unserviceable
requiring closure and repairs, or may even collapse. To guard
against this, operating authorities prescribe methods of
routine, typically visual, inspection, which are slow, costly,
and subjective, hence potentially quite unreliable.

The prime example of the dubious reliability of the current
bridge inspection regime was generated in the UK during
winter 2011/2012. A sudden and totally unexpected decision
to completely close the Hammersmith flyover in London was
made on 23 December 2011 after many nights of closure of
the flyover for maintenance and visual inspection throughout
2011. This structure takes 90,000 vehicles per day on a
strategically vital A4 route making it the prime gateway to
London, not just for the West of the country, but also for one
of the world’s largest and busiest airports at Heathrow. This
prime route remained completely closed until 13 January
2012, causing traffic chaos in West London for a period of
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three weeks, covering the Christmas and New Year holidays
before partial reopening slightly reduced the chaos. This
situation lasted for months. Apparently, an exceptional
overloading event worsened the state of corroded tensioning
cables of the 50-year old structure so that they started
snapping at a rate fast enough for the authorities to close the
flyover. This is speculation, since the structure had not been
monitored over a long enough period of time. Hence, there is
no information about ‘normal loading’ and no evidence that
that the dramatic closure was actually necessary.

If anybody thought this was a chance the identification of a
new crack on the already damaged Boston Manor viaduct
forced a dramatic closure of the M4 between London and
Heathrow airport — a key section along the Olympic Route
Network. This lasted for five days in early July 2012. The the
new crack had been identified in a “sensitive location”
following the final stages of the complex repairs to 15mm
long hairline cracks discovered by chance [5] in April in
welds on the viaduct just west of junction 2 near Hounslow. A
7.5t weight restriction on the damaged stretch had been
imposed immediately, diverting coaches and lorries onto busy
local roads. The latest news is that Boston Manor viaduct is
beyond further repairs and will be replaced.

How many similar cases and surprse total closures are are
lurking within the UK fleet of key bridges on the national
transportation network?

3  THE WAY FORWARD

Interestingly, if a sudden event happened to a Roll Royce
aero-engine high above the Pacific, such as a lightning strike
causing the engine to cough, monitoring sensors within the
engine would automatically record all relevant responses. This
data would be transmitted immediately from the aeroplane to
the Rolls Royce 24/7 operations room in Derby, UK which
continuously assesses on-line the performance of thousands of
working jet engines around the world. Based on the
instantaneous information from the aircraft and the expected
performance, a decision would be made while the plane is still
in the air if the engine requires additional inspection after
landing, causing delays and financial losses. In the past and
without the benefit of permanent monitoring and data
streaming and analysis, this would almost certainly be the
case as — similar to bridges — safety is paramount. However, it
is not anymore due to this service based business model of
manufacturing jet engines which is based on the on-line
condition monitoring technology and instantaneous decision
making process which Rolls Royce mastered and
commercialised around the world. The data constantly
collected from engines is invaluable to airlines as the
information enables Rolls Royce to predict when engines are
more likely to fail, letting the airlines schedule engine changes
efficiently. Embracing such technology and innovation
transformed Rolls Royce from a failing company in 1971 into
a currently most successful manufacturer of jet engines in the
world.

Why can’t the same business model be employed in the
management of bridges? Over many years in the UK there has
seen fragmentation of construction industry and infrastructure
management characterised by significant shift towards the use
of subcontracting, overly complex procurement approaches
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and uncertainty of future work on key infrastructure due to
lack of vision and leadership. This has increased transaction
costs, encouraged shortermism and deterred industry from a
more strategic approach to investment in skills, technology
and innovation [6]. There are, however, clear signs that this
approach is changing offering great opportunities to the
sector, one of them being use of permanent monitoring for
effective decision making in managing key objects of
infrastructure, including bridges.

The 2nd Future Infrastructure Forum (FIF2), held at
Cambridge University on 17-18 January 2012, established a
consensus on the importance of monitoring as part of the
process of managing the sustainable performance of our
existing and new infrastructure. The Forum recognised that
we are at the confluence of several, new, game changing,
enabling technologies, such as very low cost MEMS sensors,
energy harvesting, and all-pervasive high speed wireless
networking and the Cloud-based computing that the latter
brings. Imaginative integration of these technologies offers
the potential for new, radical paradigms in infrastructure
creation and performance management that could have a
global transformative impact. In essence, we are at a rare
convergence point in technological evolution when we can
radically rethink the purpose and nature of infrastructure such
that it becomes a far more effective shaper of sustainable
human behaviour and societal development.

4  MOTIVATION

Wenzel [7] noted that construction sector is conservative

needing strong push to motivate it to implement new

technologies, such as converting monitoring data into decision
making. He outlined the following motivation drivers:

1. Responsibility-driven motivation, stemming from design
standards, codes and guidelines which make mandatory
requirements to instrument, monitor and interpret before
deciding what to do with a particular structure, such as
bridge in operation. This is particularly so when covering
events such as emergencies or accidents whereby
monitoring data before the event can describe what is
‘normal’ and data after the event can be used to establish
if the structure still behaves as ‘nhormal’. Conventional
assessment in such situations tend to be overly
conservative, usually to compensate for the lack of
reliability.

2. Economy-driven motivation, stemming from, say, the
need to reduce unnecessary maintenance costs, such as
expensive and not particularly reliable regular
inspections, or from the need to prioritise repairs within
limited budgets which make use of more reliable
information about the remaining life prediction of the
structure. Another emerging motivation within this
category is the need for an informed transfer of
ownership from public to private hands, whereby hard
data form the structure provides a more reliable
information of the value and longevity of the structure
which is an asset for the new owner, including their
finance and insurance organisations.

3. Curiosity-driven motivation whereby forward-looking
owners, operators and — in general — clients, understand
limitations of the current civil engineering design practise
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and want to learn about the actual behaviour to help them
plan future designs.
The following examples will demonstrate usefulness of
monitoring in decision making about their operation.

5  ASSESSMENT OF BRIDGE UPGRADING

Moyo et al. [8] present the use of bridge monitoring data to
assess the effects of bridge upgrading including its
strengthening. This is a very powerful example of the
usefulness of monitoring as it answers one of the key
questions asked after a bridge refurbishment: how long will
the refurbished bridge last?

To answer this fundamental question, in-service monitoring
of strains of key load-carrying elements under normal live
loads before and after the upgrading was carried. This yielded
time series of strain data which were analysed using extreme
value statistics producing the required estimates of the
expected bridge life.

5.1  Structural description

The bridge in question is the Pioneer Bridge (Figure 1) built
along Pioneer Road in Singapore between 1968 and 1970. The
span is 18.16 m between elastomeric bearings designed as
simple supports, and it’s quite wide for such span: 18.80m.

Figure 1. Pioneer Bridge before upgrading.

The bridge deck is made of 37 pre-cast pre-tensioned
inverted T-beams, which cross sections are shown in Figure 2.
Edge detail of the bridge deck is shown in in Figure 3.
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Figure 2. Pioneer Bridge before upgrading.
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Figure 3. Pioneer Bridge before upgrading.

As with so many other bridges now approaching the end of
their design life, this bridge was originally designed for the
traffic loading appropriate for the 1960 era. To maintain the
load carrying capacity over the extended design life stretching
into the 21% century, strengthening works were proposed in
which the free rotations of the simply supported system were
restrained by monolithisation: making the bridge deck integral
with both concrete abutments (Figure 4).
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Figure 4. Monolithisation of the bridge deck with abutments.

This was achieved by additional continuation reinforcement
and re-concreting of the ends of the bridge deck together with
the abutment and infill behind it (Figure 4). As a consequence,
reduced end rotations and lower deformations were expected
under the live load, yielding lower strains and enhanced
bridge life expectancy. As this is a four lane bridge, the strain
gauges were mounted on the soffits of girders 7, 15, 24 and 33
under lanes 1-4, respectively.

5.2 Bridge monitoring

The upgrading program of the bridge provided an opportunity
to demonstrate the application of longer-term monitoring for
condition assessment of bridges. The bridge monitoring
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program involved continuous measurement of strain time
histories at the bridge’s midspan using a purpose designed
bridge monitoring system. Despite the fact that the system
comprised only four demountable strain gauges (DGSs) it
yielded all the experimental data needed for condition
assessment using measured data and extreme value statistics.
Battery powered digital data acquisition at 500 samples per
second for each of the four channels was triggered by normal
traffic when levels of strain exceeded particular pre-
determined values. Data was acquired for at least 20 days
before and after the upgrade. Figure 5 shows a typical peak
strain value measured at one of the four channels.

30

Strain {pe)

0 50 100 150 200 250 300 350 400 450 500
Time 107 (sec)

Figure 5. Typical strain record triggered by high peak strain.
Figure 6 shows the scatter plot of all peak strains recorded
on the four girders on a day by day basis before the upgrade.
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Figure 6. Peak strains before upgrading.

Figure 7 shows the scatter plot of all peak strains recorded
on the four girders on a day by day basis before the upgrade.

Looking at Figure 6 and Figure 7, the maximum strain
before the upgrade was recorded for girder 24 (Lane 3) at 172
micro-strain whereas its counterpart after the upgrade was
recorded for Girder 15 (Lane 2) at 90 micro-strain.
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Girder 7: After upgrading Girder 15: After upgrading
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Figure 7. Peak strains after upgrading.

5.3  Live loading assessment

Bridges are normally evaluated using abstract live loads
which are conservative but often disconnected from the reality
of bridge’s day-to-day operation. On the other hand, strain
measurements over a prolonged period of time integrate in the
most realistic manner key aspects of bridge live loading with
site specific conditions such as: traffic volume, bridge
dynamic properties, road conditions, vehicle suspension,
speed environment, traffic mix and many more important but
difficult to quantify conditions. Therefore, a rational way
forward would be to use measured peak strain values and
apply theory of extreme value (or Gumbel) distribution on
them, considering that such distribution was proven to be
valid for the maximum traffic loading and the resulting
bending moments and shear forces [9].

Figure 8 shows predicted maximum strain values in 120
years of service based on the measured data for Girder 7. The
reduction of maximum values from over 215 micro-strain to
160 micro-strain is a positive consequence of the upgrading.
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Figure 8. Girder 7 (Lane 1) 120 year live load strain before
(left) and after (right) upgrading using extreme value
statistics.

The calculated live load strain needs superimposing with the
self-weight and dead load strain to judge the overall maximum
(ultimate) strain levels which can be used to assess the
improved bridge’s strength after the upgrade for the most-
realistic as-measured live load conditions.
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6  ASSESSMENT OF BRIDGE BEARINGS

The Humber Bridge was opened in 1981. Spanning 1410m, it
held the record of the world’s longest single spans suspension
bridge until 1997. The Bridge spans the Humber Estuary
between Hessle (North) and Barton-on-Humber (South). The
Hessle side span is 280m and the Barton side span is 530m
(Figure 9).
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Figure 9. Humber Bridge instrumentation

The aerodynamically shaped bridge box girder is
discontinuous at the towers. At each end there is a pair of "A-
frames” which are approximately 3.8 m tall and 3.4 m wide
(Figure 10). These bearings primarily accommodate axial
movement of the span ends, but also permit rotation of the
deck in the horizontal plane and in the vertical plane of bridge
axis and towers as the bridge deforms under a combination of
traffic, wind and temperature effects. In total there are 12 of
these bearings, four on each span.

A pair of Hilti PD4 extensometers on each end of the main
span was used to monitor the longitudinal deck movement at
the positions of the two A-frames in Figure 10 (bottom).
Hence, these two sets of data provided information to measure
both longitudinal extension and horizontal plane rotation of
the bridge at its end.

The A-frames were originally designed to accommodate
around + or — 1m of longitudinal deck movement due to:

e  Traffic action (+/- 0.7m)
e Dynamic wind action (+/- 0.2m)
e  Thermal effects (+/- 0.3m)

The end rotation is strongly dependent on wind speeds, as
shown in Figure 11.

Ambient acceleration response of the deck is continuously
recorded at midspan and used to estimate (in real time) the
natural frequencies and damping ratios of the lowest
frequency vibration modes. For the first (lateral) mode of
vibration, Figure 12 shows the estimated natural frequencies
as a function of the RMS of the corresponding block(s) of
acceleration data. It can be seen that at about 0.2m/s?> RMS the
frequency generally reduces and stabilises at about 0.054 Hz
for higher levels of response. This indicates the likely non-
linear “stick-slip” behaviour somewhere in the structure, as
confirmed by damping estimates whereby a similar
“unsticking” effect is observed roughly at the same RMS
acceleration levels (Figure 13). The damping, however, is
amplitude-dependent with lower damping corresponding to
higher responses.
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Figure 10: Top: Photo showing a pair of A-frames, one for the
main and one for the side span. Bottom: The sketch shows a
pair of A-frames connected to the main span box girder.
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Figure 11. Hessle end rotates less than the Barton end under
strong Western winds.

Figure 14 (top) shows diurnal variation of the four
horizontal displacements measured bz extensiometers. Figure
14 (bottom) cumulative quasi-static horizontal displacements
of the four points on the two ends of the main span which
indicate that their total travel is between 2m and 3m over the
10 day analysed. This means that each bearing travelled at
least 3km since the opening in 1981; this is in fact a
significant underestimate since the data exclude motion with
periods of up to 30 minutes arising due to vehicle transit and
dynamic response. Not surprisingly, this has been linked with
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excessive wear at the A-frames and the likely stick-slip effect
previously mentioned Closer inspection indicated that one of
the bearings visibly dropped and is resting on the concrete
plinth underneath due to wear of the bottom of the pin-bush
arrangement. Hence, in recent years the adequacy of capacity
and performance of the main span A-frames has been
questioned, based on the monitoring results which highlighted
potential issue in the structure.

0.070 B FREC_LS1
0.064
&
o
g 0.058
w
%'. e ® b
0.052
0.045
0.0 0.4 0.3 12 15
RMS_LS1

Figure 12. Amplitude-dependent natural frequency.
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Figure 13. Amplitude-dependent damping.
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7  BRIDGE DAY-TO-DAY TRAFFIC MANAGEMENT

Modern bridge monitoring technology enables on-line access
to continuous data streams, including video data, which can be
used to see live performance of the bridge. Such systems may
be used to control day-to-day bridge usage to avoid potential
overstressing of structural elements.

Figure 15 shows a situation on a major partly suspension
bridge where one half of the bridge is empty and the other is
fully loaded due to a morning rush-hour accident.

Saltash Monday-11-April-2011 09:00.:24

Figure 15: Traffic accident scenario.

As a consequence, the on-line monitoring system
immediately registered that the stay cable tensions suddenly
peaked whereas the natural frequency of the system dropped
suddenly (Figure 16).
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Figure 16. On line monitoring system picked up sudden
tensions in stay cables and drop in the natural frequency of the
bridge structure, which could be set up to trigger alert when
managing traffic in cases of frequent bridge congestions.

Figure 17 shows a major 6-lane road bridge in Continental
Europe. The steel structural system with inclined supports acts
as a “shallow frame with end columns rigidly connected to the
structure that are “sensitive” to temperature effects.

Figure 18 shows bending moment diagrams due to partial
traffic load and temperature effects of +35°C. A potential
problem for this bridge structure is that the combination of
live load as shown in Figure 18 (top) with winter temperature
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of -35°C will make sure that the two bending moments
arithmetically add at the bottom of the vertical end column
which is fixed.

This is potentially unsafe situation which can be managed
by a permanent monitoring system which would monitor
temperature and strain/stresses at the bottoms of the end
columns. In case of low temperatures and if the strain readings
require, the traffic over this vital bridge can be reduced,
reducing the risk of a potentially unsafe situation that would
otherwise require prevention by disruptive and expensive
remedial work on the end columns.

Figure 17. Major road steel bridge.
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Figure 18. Bending moment diagrams due to partial traffic
load and temperature effects
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8  CONCLUSIONS

This paper presents a vision for the future monitoring systems
which will become normal requirements for management of
bridges as key objects of national infrastructure in the UK and
elsewhere. Rather than being pushed by authorities and
legislation, we expect that bridge managers will recognize the
clear business cases for investing in well-designed targeted
monitoring.

To support this proposition, the paper presents three case
studies where state-of’the-art bridge monitoring technology
was used or potentially could be used to manage the following
key aspects of bridge operation and maintenance:

e Assessing bridge live load and long-term ultimate
strength based on realistic live strain response data.

e Deciding when to inspect and change bridge bearings

e Deciding when to close various traffic lanes to reduce
probability of overstressing bridge structural components.
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Keynote Lecture

Large driven piles: offshore, near-shore and land-based applications

Richard Jardine!
'Department of Civil and Environmental Engineering, Imperial College London, United Kingdom
email: r.jardine@imperial.ac.uk

ABSTRACT: Professor Richard Jardine, Head of Geotechnics and Professor of Geomechanics at Imperial College London, will
present a lecture on the design and underlying research of large driven piles. With references to design guidelines, current
research, suitable modelling, and recent field experimental results from across the globe, he will provide designers with a range
of tools to use these piles for effective solution to significant modern geotechnical challenges.

KEY WORDS: Large driven piles; offshore; near-shore; land-based

1 BIOGRAPHICAL SKETCH

Professor Richard Jardine is Head of Geotechnics and
Professor of Geomechanics at Imperial College London. He is
currently involved in a major BP funded study into climate
change Impact in permafrost regions, and a project into pile
ageing processes. He is a member of the UK's 2008 Research
Assessment Exercise Panel for Civil Engineering. He has
managed several large international joint industry research
projects and collaborated with many other groups worldwide.
He has worked as a Visiting Professor in both Singapore and
Sapporo, Japan, and is Chairman of Committee TC-29 of the
ISSMGE (Advanced laboratory testing of geomaterials) and
sits on API/ISO and SUT Committees on Offshore
Foundations.

Professor Jardine has written over 160 academic papers and
his areas of expertise include coil properties, advanced
laboratory and field measurement techniques, soil
characterisation; offshore geotechnics, foundation analysis,
slope stability, driven pile behaviour, soft ground engineering,
geotechnical instrumentation.

Figure 1. Prof. Richard Jardine.

2  CONCLUSIONS

This lecture will make the following conclusions:

e Need for improved capacity methods and Sl approaches

e Background research outlined

e New API/ISO ‘sand’ methods reviewed, way forward for
practical application discussed

e ICP track record reported; fit for purpose

e Many improvements possible - new research on ageing

e Preliminary discussion offered on effective stress
approaches for clays and residual soils

e Ways of modernising deformation analysis also noted
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Bridge-to-vehicle communication for traffic load mitigation

C.C. Caprani*
'Department of Civil & Structural Engineering, Dublin Institute of Technology, Ireland
email: colin.caprani@dit.ie

ABSTRACT: Successful mitigation of critical traffic loading events could significantly increase the useful service life of
existing bridges. This work considers a communications system in which the truck receives wireless broadcast information from
a bridge, before it arrives at the bridge. The broadcast informs the driver of the required gap to the vehicle in front. The driver
then responds to this, increasing the gap between heavy vehicles, thus reducing the load experienced by the bridge. This work
explores some of the parameters related to the bridge-to-vehicle communication system, and its effectiveness in reducing load
effect. Different bridge lengths and load effects are considered, as are the required time gap adjustment, the required broadcast
distance, and the required level of driver adherence to ensure success of the measure. It is found that there is a complex
interaction between the problem parameters, and not all combinations are successful. However, suitable combinations can
reduce extreme traffic loading by up to 30%. Therefore this work offers promise in extending the useful life of existing bridges.

KEY WORDS: Bridges; Traffic; Loads; Long-span; Congestion; Communication; Wireless.

1 INTRODUCTION

1.1 Motivation

Many long-span bridges around the world were built in the
early- to mid-twentieth century. Such bridges are located on
arterial transport routes, by raison d’étre, and as such are
critically important to the economy of the region and nation
they serve. However, just as these bridges are ageing and
reaching the end of their design lives, the traffic loads which
they support are increasing, with road freight transport
typically keeping pace with economic growth [1].
Consequently, in the coming years, the owners of such bridges
will be seeking solutions that ensure public safety whilst
keeping the bridge operational. This work examines a traffic
control measure that may result in a reduction of traffic load
effect, and meet the aforementioned goals.

1.2  Long-span bridge traffic load models

The critical traffic loading scenario for long-span bridges is
congested traffic [2]. In developing codes of practice for such
bridges, researchers typically assume very small gaps between
the vehicles in recorded or simulated traffic. For example, in
the background studies for the Eurocode, truck traffic
measured from the A6 Auxerre motor-way in France, was
used, with gaps of 5 m imposed between successive vehicles
[3]. Bailey [4] used a beta distribution to model the distance
between vehicles in congestion, the mode of the distribution
gives a bumper-to-bumper gap of approximately 6.4 m, with a
minimum of 1.2 m. More recently, Nowak et al. [5] removed
cars from a measured vehicle stream and imposed minimum
gaps of 7.6 m between trucks.

The arrival of successive vehicles has generally been taken
to be independent and random. This is the case in the
background studies to the Eurocode [6], and in the Markov
process approach of Crespo-Minguillon & Casas [7].

Dependency between successive arrivals of vehicles has been
recently studied by Enright et al. [8]. They find that platoons
of trucks can be more common than independent random
arrivals yield. This dependency between vehicles results from
‘sorting” of vehicles by their individual desired velocities.
Since trucks often have a lower speed limit than cars, car
drivers will often prefer to change lane. Typically therefore,
the inside lane of a highway has a higher percentage of trucks.
This phenomenon is significant for bridge loading. However,
if the gap between successive arrivals of trucks is controlled,
then the bridge traffic load effect may be reduced.

1.3 Control of traffic loading on bridges

The control of traffic to reduce load effects on a bridge has
not been the subject of much research in the past. Two
methods currently used are to reduce the number of traffic
lanes carried by the bridge — commonly used for longer span
bridges, or to post load limits on the bridge, preventing
individual heavy vehicles from using it — commonly used for
shorter span bridges. For long span bridges, closing lanes
reduces the load on the bridge, but by reducing the bridge
traffic capacity it can lead to traffic congestion problems.
Restricting heavy vehicles from using a long-span bridge is
also effective, but since such bridges are critical infrastructure
no alternative route may be available.

A detection and control system was installed on the Clifton
suspension bridge, Bristol, UK [9]. Opitz [10] uses a Weigh-
In-Motion (WIM) system to monitor the traffic loads coming
on to a bridge. The proposed system sends vehicle weights
back to a control station, which could then restrict access to
the bridge. Atkinson et al. [11] proposed a two-lane load
control system incorporating bending plate weigh beams and
vehicle detector loop arrays at the approaches of the bridge.
Lane closures were implemented if the combined load from
the two lanes on the bridge exceeded the set limit. Kim et al.
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[12] proposed a load control system where vehicles over a
certain height were pre-selected for weighing. Subsequently,
vehicles over 40 tonnes were not allowed access to the bridge
whilst vehicles under 40 tonnes were re-injected into the
traffic stream.

2  MICROSIMULATION MODEL

2.1  The Intelligent Driver Model

The Intelligent Driver Model (IDM) is a microscopic vehicle-
following model developed by Treiber and others ([13][14]).
Its equations describe the motion of a vehicle in response to
its surroundings, given some mechanical and driver
performance parameters. In particular, the IDM is based on
the idea that a driver tries to minimize braking decelerations.
The acceleration a vehicle undergoes is given by:

d * o (s*Y

% Y S

—=all-| — —(j (1)
dt v, s

which is a combination of the vehicle’s acceleration towards

the desired velocity, v, , where a is the maximum acceleration

and & is the velocity exponent (taken as 4), with the vehicle’s
decelerations due to interaction with the vehicle in front,
based upon the ratio of the current gap, s, to the desired
minimum gap, s*, described by:

S*=5,+S5 l+vT+M (2
0 1 v, 2\/%

in which s, and s, are termed the minimum and elastic jam

distances respectively, T is the desired time headway, Av is
the approach velocity to the leading vehicle, and b is the
comfortable deceleration.

2.2 The MOBIL lane change model

The MOBIL lane-changing model was developed by Kesting
et al. [15] and is adopted here. Figure 1 illustrates the
topology of a lane change event, where the subscript ¢ refers
to the lane-changing vehicle; o refers to the (proposed) old
follower; and n to the proposed new follower. In the following
notation, the tilde (~) refers to parameter values after the
potential lane change. The vehicles in front influence the
event since the accelerations of the considered vehicle (c) are
calculated according to the car-following model given in
Equations (1) and (2).

s T

7 = a, e —
o [I c —> |
R e — = e | —=

Figure 1. Vehicles involved in lane-changing manoeuvre
(adapted from Kesting et al. [15])

A lane change only occurs if the incentive and safety
criteria are satisfied. The incentive criterion determines the
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acceleration advantage that would be gained from the
manoeuvre:

a(t)—a () >Aa, +
p[(a,(t)-4@®)+(a, 1) -4(t)

The acceleration advantage to be gained by the lane-change
must be greater than both a threshold acceleration, Aa, , used

3)
]

to dampen out changes with marginal advantage, and a
weighted (p) disadvantage to vehicles in both the current
(a,(t)—4,(t))and target (a, (t) -4 (t)) lanes. The politeness
factor accounts for the acceleration of other vehicles, and for
driver aggressiveness. It is this balancing of accelerations that
gives rise to the name MOBIL, as Minimizing Overall
Braking Induced by Lane changes.

The second criterion that must be satisfied for a lane change
event to occur is the safety criterion, given by:

a({t)=h,, 4)

which ensures that any deceleration that would be experienced
by the new follower are above a minimum safe limit, b

safe
typically taken as -12 m/s%.

The formulation presented applies symmetrically between
adjacent lanes, typical of some highways (the US for
example). Asymmetric passing rules are implemented by
including a bias acceleration Aa,,, towards the slow lane.

3  TRAFFIC, ROAD, & BRIDGE DESCRIPTION

3.1 Traffic data

This work uses weigh-in-motion (WIM) data obtained from
the A4 (E40) at Wroclaw, Poland (Figure 2) [16]. Both lanes
in one direction were measured. In total 22 weeks of traffic
was recorded, including cars, from 1 January 2008 to 5 June,
2008 of which 87 days of weekday traffic are suitable for
further use. Weekends exhibit quite different traffic
composition, and so are excluded. Trucks with up to 9 axles
were measured; no trucks with more axles were observed.

’_M

Figure 2. Weigh-In-Motion site on Autostrada A4, Euroroute
E40, near Wroclaw, Poland.
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Figure 3 shows the hourly flows recorded for each day, and
the overall average. Some days are unusually low due to
reduced economic activity, such as 1 January for example. It
is clear from Figure 3 that there is a significant change in the
traffic behaviour between the hours of about 22:00 and 06:00.
As a result of the distinct differences in night and day traffic,
this work is restricted to consideration of the daytime traffic
only. The inclusion of night-time traffic into congested traffic
loading scenarios on the bridge is not done due to the reduced
likelihood of congestion occurring at night. Thus, only traffic
between the hours of 06:00 and 22:00 is considered.
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Figure 3. A4/E40 Wroclaw hourly flows.

3.2 Microsimulation parameters

The IDM parameters used in this study are as per Treiber et al.
[13] and are given in Table 1. The desired velocity has a
uniform distribution about the mean values, similar to Kesting
et al. [15] in the development of the MOBIL model. The
MOBIL parameters are taken from this paper also. A lane
change minimum gap of 2.0 m is also enforced, and vehicles
are not permitted to change lanes within 1.6 s of a previous
lane change. This is to reflect the duration of a lane change in
reality, which is carried out in a single time step in the
simulation, which is 0.25 s as per Kesting et al. [15].

Table 1. Parameters of IDM and MOBIL models used.
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A minimum limit of S, is applied when calculating s* for
proposed lane changes from Equation (2). This is because $*
can be negative if the front vehicle in the target lane is much
faster than the vehicle considering changing lanes ([17][18]).

3.3 Road configuration

A 10 km long two-lane single-direction virtual road is used in
this work. Vehicles are injected at the start of this road,
according to their site-measured time-stamps. They are then
simulated ‘driving’ this road using the IDM and MOBIL
models. Congestion is induced throughout each day of traffic
through use of a strong inhomogeneity at 9.50 km: a speed-
limit of 20 km/h and an increase in the safe-time headway of
0.5 s is applied to all vehicles. The start of each of the bridges
considered is located at 8.00 km. Congestion then builds,
propagating backwards from 9.50 km, at a speed of about 12-
15 km/h. Due to the gaps in the input traffic between 22:00
and 06:00, this induced congestion clears. As a result, each
day is considered independent and identically distributed.

3.4 Bridges and load effects considered

The bridges considered for this work are 100 m, 200 m, and
500 m long. Load Effect 1 (LE1) which is just the total load
on the bridge; and Load Effect 2 (LE2) is the hogging moment
over the central support of a two-span beam. The total load
effect on the bridge cross section is considered — no lateral
distribution of load effect is accounted for.

4 GAP CONTROL MEASURE
4.1  Bridge-To-Vehicle (B2V) communications

A novel aspect of this work is the proposed bridge-to-vehicle
communications (B2V) (Figure 4) to control the gaps between
vehicles in such a way that bridge traffic load effect is
reduced. Bluetooth or similar technology can be used to
broadcast bridge-specific information to on-board speed or
gap regulators to be installed on trucks. This form of
Machine-to-Machine (M2M) technology is very new but
shows great promise, especially in intelligent transport
systems [19]. The implementation and potential effectiveness
of such a system in reducing bridge traffic load effect is
examined using various combinations of parameters.

(7

Cars Trucks

Desired velocity, Vg 120 km/h 80 km/h

(£20) (£20)
Safe time headway, T 12s 1.7s
Maximum acceleration, a 0.80 m/s>  0.40 m/s>
Comfortable deceleration, b 1.25 m/s>  0.80 m/s>
Minimum jam distance, Sy 1.0 m 1.0m
Elastic jam distance, S; 10.0 m 10.0 m
Politeness factor, p 0.25 0.25
Changing threshold, Aay, 0.1 m/s> 0.14 m/s’
Maximum safe deceleration, by 12 m/s? 12 m/s’
Bias for the slow lane, Aay;, 0.30 m/s> 0.3 m/s’

‘e
£
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Figure 4. Bridge-To-Vehicle communications.

4.2  Variables considered

The main variables considered to examine the feasibility of
the B2V system are given in Table 2 and described below.
Low and high values for each variable are considered. Each of
the three bridge lengths, and the two load effects are examined
under each of the variable values shown.

The safe time headway is a parameter of the IDM that
influences how close a driver travels to the vehicle in front, as
may be ascertained from Equation (2). The concept of the
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B2V system is that the vehicle responds to a bridge signal by
gradually increasing the distance to the vehicle in front (i.e.
increasing the safe time headway). The magnitude of the
required vehicle response is simulated through this variable.

Table 2. Variables and values considered.

Table 3. Ratios of daily maximum mean load effect.

www.bcri.ie

Variable Low High
Safe time headway (s) 2.0 3.0
Broadcast distance (m) 500 1000
Adherence Rate (%) 10 50

The broadcast distance comprises two aspects. Firstly it
may represent a technological limitation of the feasible
wireless communication distance. However, this can be easily
overcome through the use of different technologies as may be
required. Therefore, its second, more important, aspect is that
it is the distance over which the vehicle has to respond to the
bridge’s signal to increase headway.

The adherence rate amongst the truck population reflects the
number of vehicles that have both B2V capability and respond
to the bridge signal accordingly. Thus, this rate accounts for
B2V-enabled vehicles that may not respond to the signal.
Further, this rate only applies to the trucks in the traffic
stream: cars are assumed not to have B2V capability.

5  SIMULATION RESULTS

5.1  Basis of comparison of extreme load effects

Daily maximum load effects are determined for each B2V
scenario. The Generalized Extreme Value distribution is fitted
to this data and the characteristic load effect for a 1000-year
return period, as used for the Eurocode [20], is predicted.

The results for each B2V scenario are compared to a
benchmark scenario for each bridge length and load effect.
The benchmark load case represents the current situation in
which no B2V load control measures exist. The ratio of the
scenario’s characteristic load effect to the benchmark
characteristic load effect is used as the basis for comparison.
A ratio under unity therefore represents a reduction in
characteristic load effect brought about by the measure.

5.2 Preliminary results

The ratios of the 1000-year extrapolation results are given in
Table 2 and Figure 5 for each of the scenarios considered. It is
immediately apparent that most results show a decrease in the
characteristic load effects, demonstrating the effectiveness of
the proposed intervention. Interestingly, in some cases an
increase in the characteristic load effect is found.

From the presented results, it is also apparent that there is a
great deal of variability in the results. It must be recalled that
since the traffic is the very same for each day this variability
is caused by the measures alone, and is not the result of
variability between simulations. However, the individual daily
maximum loading events may be different between
simulations as different traffic topologies are caused by the
measures. It is also clear that there is no obvious relationship
between the load effects and the introduced measures
immediately apparent.
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Variable* Load Effect 1 Load Effect 2

T L A Bridge Length (m) Bridge Length (m)
(s) (m) (%) 100 200 500 100 200 500
10 0.85 087 091 0.83 0.71 0.93

5 200 50 099 0.83 097 1.00 0.75 0.98
1000 10 1.17 090 1.00 1.14 0.76 1.01

50 096 097 098 090 0.70 0.97

500 10 0.83 084 1.02 090 0.70 1.02

3 50 086 095 0.89 0.82 0.83 0.96
1000 10 0.84 097 098 1.03 0.88 1.01

50 091 079 096 1.16 0.66 1.05

* T — safe time headway; L — broadcast distance; A —
adherence rate

(b) Load Effect 2;

Figure 5. 1000-year extrapolation results (see footnote to
Table 2 for explanation of symbols).

5.3 Further exploration

The variability in the results is surprising. Intuitively it may be
expected that a longer broadcast distance might give trucks a
better chance of adhering to the induced safe time headway.
Larger safe time headway should give larger gaps, leading to
lower density, and thus reduced load effect. Finally higher
adherence should surely mean that more vehicles participate
in developing the lower densities. Examination of the results
shows that this combination of factors leads to lower load
effects for the 200 m bridge length. However it is surprising
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that similar reduction for the other load effects is not realized.
Further investigation is required to fully understand the cause
of this phenomenon.

The variation in density over the simulation day is
examined. Traffic densities on the road (total density across
both lanes) from 8.0-8.5 km are extracted for each scenario
every 15 minutes throughout the entire simulation. The mean
densities at particular times of the day are found across all
simulation days. A sample analysis is shown in Figure 6(a).
For each scenario the mean densities thus found are given in
Figure 6(b). It is clear that there is no difference in the mean
densities for different scenarios. This might suggest that the
increased gaps between trucks are in-filled by cars. There may
also be an uneven distribution of densities between the lanes.
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Figure 6. Mean daily densities: (a) sample analysis for the
benchmark scenario; (b) mean daily densities for all scenarios.

5.4  Analysis of Variance

The results show that there is a complex interaction between
the varied parameters to the problem. A means of extracting
the influence of and the most important parameters is needed.

Analysis of Variance (ANOVA) is a statistical method of
identifying trends from data (the response variable) that result
from categorized (or levels of the) input variables (the factors)
[21]. It is commonly wused in medical trials and
epidemiological studies. Specifically, ANOVA allows one to
determine, using hypothesis testing, whether or not there is
statistical significance in the response variable due to one or
more factors. It does so by assuming the underlying
populations to normally distributed, and using the F-test
statistic to compare means, accounting for both within-group
and between-group variabilities.

In this work, the response variable is the load effect ratio
and it is subject to natural (within group) uncertainty
regardless of the gap measures (or factors) taken (if any).
Comparison of the influence of the different factors (e.g.
adherence, broadcast distance) on the load effect ratio
(between group) can therefore be made with statements of
statistical significance.
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A multi-way analysis of variance (MANOVA) is carried out
on the results and is shown in Table 4. The response variable
is the ratio of the 1000-year load effects to the benchmark
characteristic load effect. The factors and the levels of each
considered to affect the response variable are:

e Bridge length: 100 m; 200 m; 500 m;

e Load Effect: LE and LE2;

e Safe time headway: 2.0 s and 3.0 s;

e Broadcast distance: 500 m and 1000 m;
e  Adherence rate: 10% and 50%.

Table 4. MANOVA calculations (see [21] for details).
Source® SS*  DF*  MS* F° p°
LE 0.006 1 0.006 0.899 0.351
A 0.002 1 0.002 0.273 0.606
T 0.001 1 0.001 0.149 0.702
L 0.043 1 0.043 6.713 0.015
BL 0.225 2 0.113 17.614 0.000
LE*A 0.000 1 0.000 0.003 0.954
LE*T 0.015 1 0.015 2384 0.134
LE *L 0.001 1 0.001 0.168 0.685
LE*BL  0.085 2 0.043 6.656 0.004
A*T 0.000 1 0.000 0.032 0.860
A*L 0.025 1 0.025 3.890 0.059
A*BL 0.001 2 0.000 0.059 0.943
T*L 0.001 1 0.001 0.183 0.672
T*BL 0.016 2 0.008 1219 0311
L*BL 0.028 2 0.014 2182 0.132
Error 0.173 27 0.006
Total 0.622 47

! Sources = LE — load effect; A — adherence rate; T —
safe time headway; L — broadcast distance; BL —
bridge length

23S = sum of squares

® DF = degrees of freedom of statistical model

* MS = mean square

> F-test statistic

® p = probability of observation less than F statistic

The results of the MANOVA analysis are interpreted
through the calculated p-value. A low probability of observing
the F-statistic (i.e. low p), indicates that the results are
statistically significant and that there is a difference in the
means of the results caused by different sources. A value such
as p = 0.05 is usually taken as a threshold of statistical
significance. In this case, the first five rows of Table 4
indicate that the order of influence of the parameters on the
load effect ratio is as follows: bridge length; broadcast
distance; load effect; adherence; and safe time headway.
Interestingly, safe time headway and adherence have least
influence on the load effect ratio (p = 0.702 and 0.606).

Table 4 also gives probabilities for two-factor interactions
on the response variable in the lower rows. The results show
that bridge length and load effect (LE*BL) are the most
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significantly interacting parameters (p = 0.004 < 0.05),
followed by adherence and broadcast distance (A*L), with
load effect-safe time headway (LE*T) and broadcast distance
and bridge length (L*BL) also of influence.

6 SUMMARY & CONCLUSIONS

6.1  Summary

This work proposes a novel Bridge-to-Vehicle (B2V)
communication system to influence the gaps between vehicles
arriving on a bridge. Total load and central support hogging
bending moments for bridge lengths of 100 m, 200 m, and 500
m are studied using real traffic data. The influence of traffic
adherence rates to the control measure, as well as the system
broadcast distance, and the resulting new safe time headway
of the vehicle are studied. Results are related to a benchmark
load effect in which no gap control measure is implemented.
Ratios of characteristic 1000-year return period values are
used as the basis for comparison.

It is shown that in some cases the load effect ratio increases,
whilst for others it reduces. The largest reduction found is
33%, for central support hogging moment for a bridge length
of 200 m, using a broadcast distance of 1000 m and a safe
time headway of 3 seconds. The average reduction for
scenarios showing reduction is 13%.

A multi-way analysis of variance study is carried out to
identify critical parameters and their interactions on the load
effect ratios. Bridge length and broadcast distance are found
to be the statistically significant parameters. It is also found
that the shape of the influence is important for the
effectiveness of the control measure.

6.2  Conclusions

It is clear from the presented analysis that the main variables
influencing the effectiveness of the gap control strategy are
the bridge length and load effect. Therefore the proposed
control measure will be more effective for certain
combinations of length and influence line shapes. The
parameters of the control measure with most influence are the
adherence rate and the broadcast distance. Interestingly, the
actual safe time headway induced does not appear to have
great influence. For the control measure to be used in practice
therefore, careful design of the parameters will be required for
the particular bridge length and influence line shape deemed
to be critical.

The significant reductions found for some combinations of
the problem parameters are promising. Average reductions of
13% could be particularly significant in the assessment of
existing long-span bridges.

Further work on this problem is required as it is clear that
the interactions between the problem variables are complex
and do not readily admit to intuitive understanding. For
example, further analysis of the traffic composition and lane
densities for each scenario could yield information on lane
changes and other phenomena that might reduce the
effectiveness of the proposed control measure. It may be that
this control measure could be most effective in conjunction
with another form of measure.
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ABSTRACT: Accurate evaluation of site-specific loading can lead to cost and material savings in rehabilitation and replacement
of bridges. Currently, bridge traffic load assessment is carried out using long run traffic simulations based on weigh-in-motion
(WIM) data obtained at the site. Congestion is the governing load condition for long-span bridges. To correctly model
congestion, a minimum gap between vehicles is usually assumed. Where the gap is overestimated, the calculated characteristic
load is smaller than the actual characteristic load leading to an unsafe assessment. If the gap is underestimated, the safety
assessment is too conservative, which is both costly and wasteful of finite resources. This paper outlines the development of an
optical method to measure parameters required to model driver behaviour in congestion. Images are obtained using a camera
with a wide angle, aspherical lens. Edge detection and Hough transforms are used to location wheels and bumpers. The resulting
data can increase the accuracy of traffic microsimulation and hence, the assessment of long span bridge traffic loading.

KEY WORDS: Bridge; Long-Span; Traffic; Loading; Image Processing; Hough Transform.

1 INTRODUCTION

1.1  Background

In 2007, road transport of freight was worth over €300 billion.
Freight transport grows year-on-year, roughly in-line with
economic growth [1]. The continued serviceability of bridges
is essential to this trade growth. There are about 1 million
bridges in Europe. The annual expenditure required to sustain
the existing stock of bridges is estimated at €6.6 billion, with
the replacement cost for bridges about €400 billion [2].

To minimize resources, more accurate assessment of the
safety of bridges may yield substantial savings: over 50% of
the European bridge stock is estimated to have been built pre-
1970 [2]. Whilst it is important to be able to quantify the
capacity of the bridge, since loading is far more variable, there
is more scope for improving accuracy by determining the
actual load to which it is subjected.

Site specific bridge assessment can offer accurate load
prediction [3]. Data from a WIM system installed near the
bridge can be used to calibrate a site-specific load model.
These models are typically free-flow models for short-to-
medium span bridges, or simple congestion models for long-
span bridges [4]. Simulations of 1000s of years of traffic are
possible with these models, giving accurate predictions.

1.2 Traffic load modelling

WIM data is usually collected for free-flowing traffic, and
usually only contains trucks. This data is appropriate for
bridges of short- to medium-spans [3], [5]. In the assessment
of long span bridges (over about 40 m), congested traffic
governs and the presence of cars must be considered. Recently
traffic microsimulation has been used to model congested
traffic streams for bridge loading calculation [6], [7]. A
critical input parameter in such a model is the distribution of
gaps between vehicles in congested traffic. As WIM data

records the time between axles passing a location, from which
the distance can be extrapolated if the traffic is free flowing, it
is unsuitable for determining gaps in congested traffic. This is
due to the fact that there may be long time gaps between axles
passing a location, whilst they are physically close.
Previously, minimum gaps have been simply assumed. Long-
span bridge load effects are sensitive to the gap assumed and
the variation can be as much as 20% to 30% [8]. This paper
proposes a camera system to measure these gaps accurately,
without impacting on traffic flow.

2 CAMERASYSTEM

2.1  Previous use of cameras in similar applications

Cameras have been used previously for traffic applications
such as surveillance, vehicle detection, and automatic vehicle
guidance, but have not been used to calibrate a
microsimulation traffic model. Frenze [8] developed a system
that could identify the presence of a HGV and determine the
axle configuration. Footage of traffic was captured by a
camera placed roadside at an oblique angle to the direction of
traffic. A region of interest (ROI) was specified, within which
wheels should be found. Frames from the video footage were
converted to binary colour using thresholding, after which the
Sobel edge operator [10] was used to identify edges in the
binary image. The circular Hough transform [11] was then
used to identify likely locations of circle centres. Results were
not perfect, with an over-identification of background points
as wheels and only 94 out of 100 trucks detected. False
positive identification of wheels was a more significant
problem, which was attributed to the presence of too much
information in the edge image. Fung et al [12] used a similar
system. Instead of carrying out edge detection on a binary
image, they carry out edge detection directly on the image
obtained from the camera. In this instance, Gaussian filtering
was used before applying the Sobel edge filtering to reduce
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noise in the image. To speed up the processing, the images
were compressed using the Haar wavelet [13], [14], which
reduced the size of the image without loss of detail.

Aerial cameras have also been used. Gupte et al [15] used a
pole mounted camera with an aerial view of traffic for the
purpose of conducting vehicle counts, classification of
vehicles, and to study lane changing behaviour. Unlike the
other references, vehicles were detected and classified using a
template matching system. During a 20 minute sequence, their
algorithm correctly detected, tracked, and classified 63% of
vehicles. Errors that occurred were explained by occlusion of
parts of vehicles and/or poor image segmentation. Coifman et
al. [16] address partial occlusion in congested traffic. Features
such as corners are tracked, rather than attempting to track the
entire vehicle. As features exit the tracking region, they are
grouped using a common motion constraint.

Other approaches, such as that by Achler & Trivedi [17],
train an algorithm to detect wheels by manually identifying
wheels in a large training set of images. From this, Gaussian
mixture models of wheels and of non-wheels are developed.
Images can then be compared with these models and likely
candidates for wheels identified. The foreground candidate
wheels are tracked.

2.2 Site arrangement

For this work, two arrangements are considered for obtaining
information on gaps in congested traffic. Firstly, a single
camera with a wide-angle lens placed adjacent to the slow
lane is considered. The benefits are that synchronization of
footage is not needed; installation is easy; and the system is
portable. Drawbacks of this arrangement are the required
wide-angle lens, and potential interference from fast lane
traffic on the identification of vehicles in the slow lane.

The second considered arrangement involves two cameras.
One camera is placed beside the slow lane to obtain the
internal vehicle dimensions (such as bumper to axle, axle to
axle and axle to bumper distances). The second camera is
aerial-mounted to determine the gaps between vehicles. An
advantage is that a wide-angle field of view is not needed at
the roadside, reducing possible interference from fast lane
traffic. As a result, a standard lens can be used, and the
camera can be placed close to the slow lane, reducing possible
interference from fast lane traffic. Disadvantages of this
arrangement include the footage synchronization, increased
installation apparatus, and reduced portability.

The single camera arrangement is selected for the remainder
of this work. Wide-angle lenses are easily obtained and
interference from the fast lane can be removed through a
common motion constraint, as was done in [16].

2.3 Camera and lens description

The camera used in this work is the IDS uEye LE USB
camera [18]. This camera can accept a wide-angle lens, and
can take more than 10 frames per second — a minimal
specification identified for this application.

Wide-angle lenses are prone to aberrations which can affect
shape and/or sharpness. For this application, shape distortion
is the most critical aberration to avoid, as this would create an
error in the calculated distances between objects in the image.
Aspherical lenses do not suffer from these shape distortions,
and so a Theia SY125M lens is used this work [19].
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3 IMAGE PROCESSING

3.1  Overall approach

A similar approach to Fung et al. [12] and Frenze [8] is used
for this work. The image is segmented and the Hough
transform used to identify the location of wheels and axles in
the image. Wheels are identified in lieu of actual axle
identification. The images are reduced in dimension using

wavelet compression without loss of resolution. This
significantly reduces processing time for the Hough
transform.

3.2 Edge detection for bumper identification

Truck bumpers are often vertical (see Figure 1). The Hough
transform can identify linear features in a binary (black or
white) edges-only image. Conversion of colour or grey scale
images to black and white is straightforward, but edge
detection is not. Edge detection algorithms work by
determining the location of sudden luminosity intensity
changes. Both the Sobel and Canny edge detection algorithms
are considered for this work [10].

Figure 1. Sample truck bumper.

Sobel edge detection is based on a central difference
approximation to the image gradient in the horizontal and
vertical directions. A threshold is specified and any point with
a gradient above this threshold is designated as an edge point
[10]. The Canny edge detector first smooths the image using a
Gaussian filter, and then determines gradients in the
horizontal, vertical, and diagonal directions. The magnitude
and direction of the edges are determined. Edge points are
those points whose magnitudes are locally maximum in the
direction of their gradients. The algorithm retains only pixels
along the top of the ridges from the gradient calculation (non-
maximal suppression). Two thresholds — an upper and a lower
- are specified for edge points. Those points with magnitudes
above the upper threshold are automatically retained as edge
points. The points with magnitudes below the lower threshold
are immediately discarded. Hysteresis thresholding is then
carried out on the points with magnitudes that lie between the
two thresholds. If a strong edge point exists in one of the eight
pixels around it (8-connected to a strong edge), it is retained
as an edge point; otherwise it is discarded [10]. In both the
Canny and Sobel edge detector algorithms, the thresholds
specify the proportion of non-zero points that are to be
discarded (i.e. a threshold of 0.1 implies that 10% of non-zero
points should be discarded).

The Sobel and Canny edge detection algorithms are applied
to the sample truck bumper of Figure 1. The results are shown
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in Figure 2. As can be seen, the Sobel method fails to detect
any element of the wheels (Figure 2(a)), whereas the Canny
method has correctly identified the majority of the wheel
outline (Figure 2(b)). It is possible to include more detail of
the wheel outline by lowering the threshold in the Sobel
method, but this would result in the inclusion of large amounts
of noise. The Canny algorithm detects more of the wheel
outline due to its inclusion of filters that detect diagonal
edges. Although the algorithm does need to identify the
location of the wheels, the bumper and wheel detection occur
independently of each other. Consequently, the Sobel
algorithm is used to create the edge image for the Hough line
detection.

——d DL et b i e Y
~amm A TN N A Y BT

(b) Canny method

Figure 2. Edge Detection applied to Figure 1.

3.3 Hough transform for bumper identification

A Hough transform is used on the established edge image.
The Hough transform is an exhaustive search method
commonly used in image segmentation tasks [10]. The
algorithm cycles through every edge point in the image and
determines the equations of the lines that could pass through
each point.

The use of Cartesian coordinates is not suitable since the
slope is infinity for vertical lines. Consequently polar
coordinates are used in this work instead. Considering the
polar equation of a line, the set of lines that pass through a

point Aat (X,,Y,) are:

R(0) = x,cos6+ y,sing @
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This process is illustrated in Figure 3, where example
combinations of radius and angle that describe lines passing

through point A, such as (R,4,) and (R,,#6,) , are shown.
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Figure 3. Polar coordinates of lines.

A two-dimensional parameter space of radius and angle can
be constructed having dimensions of the discretized number
of angles and radii. For each edge point, all possible radius
and angle combinations are calculated. The weights of the
points in parameter space corresponding to each of those
combinations are incremented by +1. This is repeated for all
edge points. These weights corresponding to the edge image
in Figure 2(a) are shown in Figure 4. Strong linear features are
evident at approximately 90 degrees at radii of about 400 and
600 pixels. These peaks in the parameter space correspond to
lines in the original image as can be seen in Figure 5.
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Figure 4. Hough transform parameter space.

Figure 5. Detected truck bumper.

This algorithm is applied to the more difficult problem
posed by a car bumper, and the result is shown in Figure 6.
The failure to detect the bumper is attributed to the lack of
verticality of the bumper. However, this problem can be
overcome by subtracting the background from the acquired
images [17], but this is not further considered for the present
work.
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Figure 6. Incorrect detection of car bumper.

3.4 Wheel detection

The Hough transform has been successfully generalized to
allow for the detection of shapes such as circles and ellipses
[11]. However, the addition of the third variable — radius — to
the Hough transform results in a computation of order O(n®),
where n is the number of pixels. Hence the execution time
increases significantly. Therefore in this work, several pre-
processing steps are taken before carrying out the circular
Hough transform.

A region of interest is specified around the band in the
image where wheels are likely to be found. An example image
is shown in Figure 7(a). As is evident from this figure, and the
intensity histogram (Figure 7(b)) there can be very little
contrast between the tyres, car, and road.

H
1] 50 100 150 200 250
Pixel Luminosity

(b) Histogram of pixel luminosities;
Figure 7. Pre-processing of image with poor contrast.

The contrast in an image with poor contrast can be
improved by altering the luminosity of pixels so that there are
similar numbers of pixels with each value of luminosity
within the image [10]. This is termed *“equalizing the
histogram”. Figure 8 shows the same image after the
histogram has been equalized and the equalized histogram.

Minimization of the number of edge points in the edges-
only image is important in reducing computation. To this end,
the image is morphologically opened, then closed, using a
disk shaped structuring element [10]. This removes small
areas of detail from the image, as shown in Figure 9.

Next, thresholding is used to convert the image to binary:
pixels with luminosity values above 25 in 8-bit grayscale
representation (intensities range from 0 to 255) are converted
to white; pixels at or below 25 are converted to black. The
threshold value is an algorithm input variable that needs to be
set for a particular site and particular conditions. Any areas of
small detail are removed from this image through the process
of erosion [10]. This results in the image of Figure 10. Edge
detection using the previously-described Sobel operator is
then carried out and the result shown in Figure 11.
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(a) Equalized image;
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(b) Equalized histogram;

Figure 8. Image after histogram equalization.
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Figure 9. Example image after grayscale opening and closing
morphology.

BBy

Figure 10. Binary image after erosion.

Figure 11. Wheel edge image.

The circular Hough transform is carried out on the edge
image shown in Figure 11. Rearrangement of the Cartesian
parametric equations of a circle allows all possible centres for

a given point (x;, y;) to be calculated:
Yo=Y, —r-siné 2)
X, =X —r-cosé (3)

Each edge point (xi , yi) is considered to lie on a circle. Using

Equations (2) and (3), every possible centre for an edge point
is calculated for a given radius. The weights in the parameter
space corresponding to all possible centres for the edge point
are incremented by +1. This is illustrated in Figure 12. As can
be seen, the true centre of the circle will be incremented more
than any of the other proposed centres. This calculation is
carried out for every edge point and repeated for every radius
to be considered. As the equations are in Cartesian
coordinates, the parameter space will have the same height
and width as the image. It will consist of several layers, or
pages, with each page corresponding to a discretized radius.
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Circle to be identified

@  Edge points detected

Loci of potential centre
points

Figure 12. Circular Hough transform voting.

To reduce noise interference, all weights below a threshold
are set to zero. The centre of a wheel is the centre of
numerous circles, so high values should be expected at the
location of a centre for a number of radii. The parameter space
is ‘flattened” by adding the weights recorded at each edge
point from each layer corresponding to each radius
considered. Within this space, peaks can then be identified.

Figure 13 shows the flattened parameter space
corresponding to the image of Figure 7(a). It can be seen that
a large number of potential circles are identified at the wheel
regions. However, the most likely wheel location and radius
must be identified by detecting the peak value in the
parameter space.

Figure 13. Circular Hough transform parameter space.

The peak detection algorithm creates a list of weights above
an appropriate threshold. This threshold is an input variable to
the algorithm. It specifies an area the size of a wheel of the
minimum radius considered around the first weight and
identifies the maximum weight within that area. All other
weights in the area are set to zero and the list of weights above
the threshold updated. The algorithm cycles through the entire
list until no further updates can be made. This is described in
Table 1. By using a minimum radius search area, and only
allowing one peak to be identified in this search area, only one
wheel is identified in each wheel-sized area. Any remaining
weights above the threshold are designated as wheels and their
location noted. Good accuracy has been experienced with this
method of peak detection. Figure 14 shows the location of the
detected wheels for Figure 7(a). Figure 15 shows the results
when applied to Figure 1. As can be seen in Figure 17, these
techniques can be applied even to dark vehicles where

www.bcri.ie

contrast between the car and wheel is low. This is as a result
of the morphological operations earlier described.

Table 1. Peak detection algorithm pseudo-code.

[peaksy, peaksx] = parameter_space > peak_threshold

for i = 1 to length(peaksy)
search_area = parameter_space(peaksy(i)+min(radius),
peaksx(i)x£min(radius))
find max(search_area)
parameter_space(search_area( #=max(search_area))) =0
[peaksy, peaksx] = parameter_space = peak_threshold
end

Figure 14. Detected wheels.

Figure 15. Wheel detection on HGV example.

Figure 16. Low contrast example.

3.5  Calculation of distances between objects

Detected wheels and bumpers are converted to Cartesian
coordinates and the distance in pixels between the wheel
peaks and bumper peaks can be calculated. An example is
shown in Figure 17 for the vehicle of Figure 1.

This pixel distance can be related to physical space using a
site-calibrated transform. Depending on the lateral position of
the vehicle, it may be necessary to have a reference calibration
scale in each image. Trigonometry can be used to determine
the physical distances from the pixel distances, once the site
arrangement, lens, and camera properties are known.
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W 273 pixels ------ —

Figure 17. Distance between HGV bumper and wheel.

4  SUMMARY & CONCLUSIONS

4.1  Summary

This paper describes the development of an optical system to
provide statistical information on the minimum gap in
congested traffic. This information is critical to improve the
accuracy of bridge safety assessment.

Images of vehicles are obtained from a camera with a wide-
angle, aspherical lens. Morphological processing is used to
reduce noise. Hough transforms are then used to segment the
image and determine the location of the vehicle wheels and
bumpers. This allows for the calculation of the distances
required to calibrate a traffic microsimulation model.

As this research is a work in progress, results have yet to be
obtained.

4.2 Conclusions

An important aspect of this work is edge detection. It has been
shown that, although the Canny edge detection algorithm is
generally better at detecting the edges of wheels, appropriate
pre-processing and use of the Sobel edge detection algorithm
produces adequate results for the present purpose.

The pre-processing undertaken prior to edge detection is
sensitive to lighting conditions as appropriate pixel luminosity
thresholds must be set. Once appropriate thresholds are set,
good success has been shown in extracting circular edges and
minimizing the number of edge points detected. It therefore
represents an appropriate method for reducing the
computation time for wheel detection. However, the prior
establishment of the appropriate threshold is the cost of this
efficiency.

Using the Hough transform to detect bumpers is successful
where the bumper is near to vertical. However, the Hough
transform is not suited to the detection of car bumpers, as they
tend not to be vertical. Here, other means of bumper detection
are required. Although computationally demanding, the
circular Hough transform is accurate in the detection of wheel
centres.
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ABSTRACT: The effect of unevenness in a bridge deck for the purpose of Structural Health Monitoring (SHM) under
operational conditions is studied in this paper. The moving vehicle is modelled as a single degree of freedom system traversing
the damaged beam at a constant speed. The bridge is modelled as an Euler-Bernoulli beam with a breathing crack, simply
supported at both ends. The breathing crack is treated as a nonlinear system with bilinear stiffness characteristics related to the
opening and closing of crack. The unevenness in the bridge deck considered is modelled using road classification according to
ISO 8606:1995(E). Numerical simulations are conducted considering the effects of changing road surface classes from class A —
very good to class E — very poor. Cumulant based statistical parameters, based on a new algorithm are computed on stochastic
responses of the damaged beam due to passages of the load in order to calibrate the damage. Possibilities of damage detection
and calibration under benchmarked and non-benchmarked cases are considered. The findings of this paper are important for
establishing the expectations from different types of road roughness on a bridge for damage detection purposes using bridge-

vehicle interaction where the bridge does not need to be closed for monitoring.

KEY WORDS: Structural Health Monitoring (SHM); Euler—Bernoulli Beam; Open Crack; Road Surface.

1 INTRODUCTION

Structural Health Monitoring (SHM) is an integral part of
infrastructure maintenance management. Non-destructive
structural damage detection, in this regard, is becoming an
important aspect of integrity assessment for aging, extreme-
event affected or inaccessible structures [1-3]. A damage in a
structure often tend to change only the local dynamic
characteristics and markers of damage detection should
attempt to capture such local dynamic changes. In this regard,
employing bridge—vehicle interaction models for damage
detection [4] and SHM [5-7] has gained considerable interest
in recent times

Bilello and Bergman [8] have considered, theoretically and
experimentally, the response of smooth surface damaged
Euler—Bernoulli beam traversed by a moving mass, where the
damage was modelled through rotational springs. Bu et al. [9]
have proposed damage assessment approach from the
dynamic response of a passing vehicle through a damage
index. Poor road surface roughness was observed to be a bad
detector for damage in their approach. Majumder and
Manohar [10] have proposed time domain damage descriptor
to reflect the changes in bridge behavior due to damage. Lee
et al. [11] have experimentally investigated the possible
application of bridge—vehicle interaction data for identifying
the loss of bending rigidity. Law and Zhu [12] have studied
the dynamic behavior of damaged reinforced concrete bridge
under moving loads using as a model a simply supported
beam with open and breathing cracks. Pakrashi et al. [4] have
performed experimental investigation of simply supported
beam with moving load subjected to different level of
damage.

Local damage in beams have been modelled in a number of
ways [13]. Narkis [14] has proposed a method for calculation

of natural frequencies of a cracked simply supported beam
using an equivalent rotational spring. Sundermeyer and
Weaver [15] have exploited the non-linear character of
vibrating beam with a breathing crack. The surface roughness
on bridges has never been used as an aid to damage detection.

This paper proposes the use of changing road surface
roughness in damage detection of beam-like structures
through bridge vehicle interaction and investigates what road
quality is appropriate for such detection. Harris et al [16] have
proposed a method for characterisation of pavement
roughness through the analysis of vehicle acceleration. Fryba
[17] has shown the effect of road surface roughness (RSR) on
bridge response. Abdel-Rohman and Al-Duaij [18]
investigated the effects of unevenness in the bridge deck on
the dynamic response of a single span bridge due to the
moving loads. O’Brien et al. [19] have proposed a bridge
roughness index (BRI) which gives insight into the
contribution that road roughness makes to dynamics of simply
supported bridges. Da Silva [20] has proposed a methodology
to evaluate the dynamical effects, displacement and stress on
highway bridge decks due to vehicle crossing on rough
pavement surfaces. Although there are many interesting
numerical and statistical markers and methods available for
damage detection [21-24], surface roughness has always been
treated for parameter studies, improved analysis or for
establishing the bounds of efficiency of an algorithm. Jaksic et
al. [25] have very recently investigated the potential of using
surface roughness for detecting damage where a white noise
excitation response of a single degree of freedom bilinear
oscillator was investigated. The white noise represented a
broadband excitation, qualitatively similar to the interaction
with surface roughness and the bilinearity attempted to
capture a breathing crack. First and second order cumulants of
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the response of this system were observed to be appropriate
markers for detecting changes in system stiffness.

In this paper a beam-vehicle interaction based damage
detection from multiple point observations in the time domain
using the interaction with realistic surface roughness is
presented. The damage has been modelled as a localized
breathing crack and surface roughness has been defined by
ISO 8606:1995 [26]. The responses (displacement and
velocity) of the first mode of undamaged and damaged beam
are observed [22, 27] since they are often easy to detect and
are often a good approximation of the actual displacement.
The preferable road quality for damage detection process is
investigated in considerable details in this paper.

2 METHODOLOGY

2.1 Model

The bridge is represented as a simply supported Euler-
Bernoulli beam with a breathing crack traversed by a single
degree of freedom oscillator (Figure 1), which represents the
vehicle. The vehicle is assumed to be moving on the surface
without losing contact. The length of the beam is L and the
crack is at a distance X, from the left support. The beam has a
constant cross-sectional area A, second moment of area I,
Young’s modulus E and mass density p. The crack can be
modelled as a rotational spring [15] when the crack is open.

my
K z
0 X
—
:-é % X1 = X X, “1°
X2 =L - X Ya(X2,t)
Yi(X1,t)
\

Figure 1. Simply supported beam with breathing crack
modelled as two beams connected by torsional spring.

2.2 Equations of motion

The equation of motion of a beam with a breathing crack and
traversed by a vehicle is given as

*yi(x0) ayi(xt) 3%y;(xt) _
EI Py +c or + pA Frr e
Pé(x—vt); i=1,2 1)

t is the time coordinate with the origin at the instant of the
force arriving upon the beam; x is the length coordinate with
the origin at the left-hand end of the beam; yi(x,t) is the
transverse deflection of the beam at the point x and time t,
measured from the static equilibrium position corresponding
to when the beam is loaded under its own weight; ¢ is the
structural damping of the material of the beam; m = pA is the
mass per unit length; P is the external force; ¢ is the Dirac
Delta function [17] and ot is the position of the vehicle
moving with constant speed v from left support. The external
force P is defined as:

P={myg+Klz—-y@tt)—r@t)]} i=1,2 (2)
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K[z —y;(ut,t) —r(vt)] = 0 3)

where m, is the mass of the vehicle; g is acceleration due to
gravity; K is the equivalent stiffness of the vehicle’s tires and
springs; z is the vertical displacement of the vehicle with
respect to its static equilibrium position; and r is the surface
roughness.

2.2.1  The open crack eigenvalue problem

When the crack is open, the system consists of two beams
connected by torsional spring, where each continuous segment
of the beam can be described by the Bernoulli-Euler partial
differential equation of motion. The eigenvalue problem can
be solved through the method of separation of variables and
the consideration of modal superposition:

yilx ,8) =Xjodj(x )q;(t); i=1,2 (4)

where @; is orthogonal mode shape for the i mode and g is
the time dependent amplitude. By separating temporal and
spatial variables, the following differential equation system is
obtained

2
wj pA
El

lilrlr(x ) _

g;(®) + w]'ij(t) =0; j=1ton (6)

¢Jl:(x )=0; i=12j=1ton (5)

There are no displacements or moments at the supports.
Also, boundary conditions at the crack location x, must satisfy
continuity of displacement, bending moment and shear and
the slope between the two beam segments can be related to the
moment at this section [15]. The solution of the spatial

differential equation (5) satisfying all eight boundary
conditions is:
0<x<x,—- ¢=Ay(sinax+ asinhax) @)
x. <x<L -
_ sin(axc) sin(a(L—%)) sinh(axc) sinh(a(L—%))
¢ =4 ( sin(a(L—x¢)) ta sinh(a(L-x¢)) )
where:
2
4 _9jPA
a* = EI,]—lton 9)
sinax
=) (10)
cosh axc+ £

tanha(L—x¢)

and the constant A, is chosen so that the mode shapes are
normalized as

@2z + [1 (¢; (2)%di = 1

The natural frequencies of the beam with the open crack can
be calculated replacing boundary conditions in assumed
solution of mode shape equation (5):

(11)

¢(x) = A, cos ax + A, sinax + Az coshax +

A, sinh ax (12)

and setting its determinant to zero, or by using equations (9-
10) [15].



Bridge and Concrete Research in Ireland 2012

2.2.2  The closed crack eigenvalue problem

When crack closes, the beam is treated as one continuous
Euler-Bernoulli beam and the first mode shape equation is:

0<x<L - ¢ = \/%sin(ax) (13)

Since the displacement at supports equals zero, the equation
(12) is satisfied when sin (aL)=0, therefore the natural
frequencies of the beam when crack is closed are:

. EI .
w; = j*m? /W; j=123..

2.3 Equation of motion of vehicle

The equation of motion of the vehicle, represented as a single
degree of freedom oscillator can be represented as

(14)

mVZ+K[Z—r(vt_) —y(vt_,t)] =0 (15)
2.4  Surface roughness

From 1SO 8606:1995(E) [26] specifications RSR function
r(x) in discrete form is:

-2
r(®) =YV, J4Sd(fo) (Z) Fcos(BRra)  (9)
here Sq4(f)) is roughness coefficient; f, = 1/2m is the

discontinuity frequency; L. is twice the length of the bridge
[6, 28]; N is number of data points of successive ordinates of
surface profile; and 6 is a set of independent random phase
angles uniformly distributed between 0 and 2m. The road
classification according to 1SO 8606:1995(E) is based on
value of Sy(f). Five classes of road surface roughness
representing different qualities of the road surface are A (very
good), B (good), C (average), D (poor), E (very poor) with
value of roughness coefficients 6 x 10° 16 x 10° 64 x 10°,
256 x 10° and 1024 x 10° m’/cycle, respectively. Typical
irregular surface roughness profiles are shown in Figure 2.

r[m]

Distance alona the beam [m]

Figure 2. Typical road surface profiles.

2.5 Damaged Beam - Moving Oscillator Interaction
Including Surface Roughness

The bridge-vehicle interaction can finally be expressed as a
system of two second order equations. For a first mode shape
consideration (subscripted 1), equations (1) and (15) can be
written in matrix form as

www.bcri.ie

3 8= () P (i)

lwf—p§¢1(ut)¢1(vt) piAda(vt)l x (1) =

—w12/¢>1 (vt) wlzj )
{% Br00) + ,%r(vtm(vt)} (a7)
w‘Z,T(Ut)

Where the natural frequency of vehicle is w? = K/my ; and &
and ¢&, are damping ratio of bridge and vehicle, respectively.
The displacements and velocities of the beam and the vehicle
are obtained by using a 4/5th order Runge-Kutta method
available in MATLAB [29].

3 DAMAGE DETECTION THROUGH SURFACE
ROUGHNESS

The proposed concept of numerical analysis is shown in
Figure 3.

X =0.3L
;
et T T LTI T TT T ]s
0 1.5 3 4.5 6 7.5 9 10.5 12 13.5 15
damaged beam
888 =T [ [ [ [ [ [ [ [ Cudemaectesn
e8y -02 N O b)
£5° V[ T 1 ==rT 1 [ | ]
) 1.125 2.625 4.125 5.625 7.125 8.625 10.125 11.625 13.125 14.625
Lo Middle of the segment x  [m]
658 T T+l [ [ T [T [ 1]
655 |
e I s e e S s oy B )
= -0.04/
gD 0.375 1.875 3.375 4.875 6.375 7.875 9.375 10.875 12.375 13.875
B Middle of the segment x _ [m]
& 1)<1O
k)
=
= ° 9
= '10 15 3 45 6 7.5 9 10.5 12 135 15

Beam Segments [m]

Figure 3. a) Simply supported beam with damage located at
0.3L divided into equal segments; b) Mode shape of damaged
and undamaged beam; c¢) Difference in mode shape of
undamaged and damaged beam; d) Difference in mode shape
of damaged and undamaged beam at mid location of each
segment multiplied with temporal beam displacement.

The beam is divided into a number of equal segments. In
this example (Figure 3b) the crack is located at X, = 0.3L. The
difference between the damaged and undamaged mode shapes
is found next (4®,), which has a local maximum and
discontinuous slope at the damage location [27]. In practice,
the mode shape difference in the spatial domain is hard to
detect. For an experimental regime, an initial estimate of the
undamaged mode shape and natural frequency should be
carried out and the bridge response obtained is used to create a
difference function in the time domain as 4®,,q(t). This is not
implicit but explicit as in reality the bridge responses may be
measured at multiple locations. Random white noise is
cancelled out by considering the passage of many vehicles and
the consideration of normalisation. When a coloured noise is
present in bridge response than the damage could not be
identified due to its masking effect and therefore the proposed
procedure is not applicable. Figure 3 shows that the location
near the damage is affected in this differenced time domain
response. The location of the damage(s) could be indicated by
using wavelet analysis as shown in many papers [30-32]

The data used for the bridge model are L = 15m; modal
damping ratio of the beam ¢ = 2%; E = 200e9 N/m? and p =
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7900 kg/m®. The static deflection of the beam is 0.005 m
based on this data. It is assumed that that the depth (h) of the
beam is 1.5 times the width (b) of the beam. Other geometric
descriptors like second moment of area (1), h, b, cross
sectional area (A) and m are computed based on this
assumption. The data used for vehicle simulation are m, =
3000 kg and K = 3.65e6 N/m [6, 33]. The calculated natural
frequencies of bridge without damage and vehicle are 4Hz and
2 Hz respectively.

Choice of Damage Detection and Calibration Markers
Statistical descriptors on previously determined functions
Adq(t) for each segment of the beam are observed and
investigated for monotonocity and consistency. The statistical
parameters of function 4®,,q(t) considered included mean (u),
standard deviation (o), skewness (1), and kurtosis (k). The
choice of mean and standard deviation stemmed out of the
recent study [25]. The parameters are computed as follows:

p=—3n x (18)
o= f% i1 (i — 1)? (19)

Figure 4 shows an example of mean and standard deviation
of A®,,q(t) function calculated for each beam segment. It is
found that obtained mean and standard deviation functions are
similar in shape and clearly show the discontinuous slope at
the damage location, similar to mode shape difference
functions. This finding is consistent with [25] where it has
been proven that first and second order cumulants of bilinear
and linear system response are consistent and monotonic
descriptors of the system characteristics and are sensitive to
system stiffness changes.

x10* XC =03L;V, =80 km/h; CDR = 0.40 RSR TYPE C (ISO 8606:1995(E))

4,
3

5 ™

o+ 2

= N
1
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A NG @
0 15 3 4.5 6 7.5 9 105 12 135 15
X 10"

5 1
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I — 74 b

g . | —T T \ )
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Beam Length L [m] divided onto segments

Figure 4. Example of calculated: a) Mean and b) Standard
Deviation (STD) for crack located at Xc = 0.3L; Speed of the
vehicle Vv = 80km/h; Crack Depth Ratio CDR = 0.40 and
Type C Road Surface Roughness (RSR) defined as per 1ISO
8606:1995(E).

4  DISCUSSION

Figure 5 represents an example of mean and standard
deviation functions for the case of different road surface
roughness (A to E) where the crack is located at quarter-span,
the vehicle is moving with a speed 80 km/h and crack depth
ratio is 0.4. From this and the similar figures obtained by
varying x., CDR and Vy, a number of observations are noted.
It is observed that the markers u and ¢ show kink at the
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damage location, values of statistical parameters relative to
each other increase with decreasing road quality and x and o
curves slope discontinuity at the crack location become more
obvious for poor and very poor grades of road surface
roughness. All of the above indicate that the location of crack
can be identified by the chosen markers and that consistent
calibration is possible.

X, =0.25L;V, =80 km/h; CDR = 0.40

x10"
7.5 —A-very good I I I o,
B-good o " .,
5. 51|—C-average pEy ]
£ ~D-poor & .,
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- I | .
[ e S
0
0 4.5 6 7.5 9 10.5 12 135 15
-3
_ 1 o
k<] —A-very good o -
=] " )
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8 —C-average o .,
o © 0.5H. D-poor _‘,..1' o,
2 oz . — — R
8 T, | D)
n o
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Figure 5. a) Mean and b) Standard Deviation (STD) for crack
located at Xc = 0.25L; Speed of the vehicle Vv = 80 km/h;
Crack Depth Ratio CDR = 0.40, and different types of Road
Surface Roughness (RSR) defined as per 1SO 8606:1995(E).

For illustration purposes, Figures 5, 6 and 7 representing
standard deviation in relation to crack depth ratio and vehicle
speed for RSR type C for case when crack is located at the
edge, quarter-span and mid-span of the beam, respectively, are
shown.

Standard Deviation

Figure 5. Standard deviation dependence on Crack Depth
Ratio and Vehicle speed for Road Surface Roughness Type C
for crack located near support.

Standard Deviation

Crack Depth Ratio

Figure 6. Standard deviation dependence on Crack Depth
Ratio and Vehicle speed for Road Surface Roughness Type C
for crack located at quarter-span.
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Standard Deviation

Vehicle Speed (km/h) — Cra?cf Depth Ratio

Figure 7. Standard deviation dependence on Crack Depth
Ratio and Vehicle speed for Road Surface Roughness Type C
for crack located at mid-span.

In general, it is observed that the relation between x and o
and CDR for different Vy increases exponentially. It is noted
that these curves are separated into 4 groups depending on Vy:
very low speed 10 km/h; low speed 20 to 60 km/h; medium
speed 70 to 100 km/h; and high speed 110 to 150 km/h for
which variation of x4 and ¢ is very high, high, medium, and
low, respectively. This grouping becomes more obvious for
higher CDR when RSR is type D and E, while for the RSR
type A and B there is very little difference between statistical
parameters even for a higher values of CDR. The exception is
very low Vy for which statistical parameters are observed to
be much higher than for other Vy for all cases of RSR. RSR
type C and Vy = 80 km/h are found to be optimal for
calibration purposes. In general, calibrations are monotonic (u
and o increase with CDR) but there is no obvious relation
between the curves representing different crack locations.

Figure 8 shows a generic fit, i.e the calibration of
standard deviation in the function of CDR for three different
vehicle speeds (low, medium, and high), analysed separately
for three different positions of the crack. The best fit is
represented by power equations:

o=axCDR" +c (22)

The coeficients of fitting functions are given in Table 1.

Fitting Function: c = a CDR"+¢
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Figure 8: Calibration of Standard Deviation (STD) variation

in function Crack Depth Ratio (CDR); for Low, Medium and

High Vehicle Speed (Vv) and three different positions of the
damage: a) Edge; b) Quarter-span and c) Mid-span.
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Table 1. Calibration function for Standard deviation and CDR

Position of  Vehicle a b c

the crack speed
(km/h)

40 1.925¢* 1.997 -4.74e”

0.1L 80 1.756e™ 1.986 -7.94¢”

130 8.9¢” 1.899 -6.13¢”’

40 2.747¢" 1.916 4.194¢”’

0.25L 80 2.629¢™ 1.935 6.323¢”

130 1.353¢* 1.88 -7.43¢e®

40 2.072¢™ 2.022 -1.59¢®

0.5L 80 2.058¢™ 2.091 -1.48¢®

130 1.084e* 2.053 -8.13e”’

5  CONCLUSIONS

The effects of road quality on bridge-vehicle interaction based
surface roughness are investigated. In practice the response,
displacements and / or velocities, of the bridge can be
measured at multiple locations along the bridge. In order to
create a difference function in time domain an initial estimate
of the undamaged mode shape and natural frequency should
be carried out. Mean and standard deviation of mode shape
differenced temporal responses can be used as damage
detection markers. Discontinuous slopes of mean and standard
deviation curves give the position of damage, and the jump
size is related to the damage extent.

When the road quality decreases, the slope discontinuity of
mean and standard deviation curves at the crack location
become more obvious. This is amplified for poor and very
poor grades of road surface roughness.

The consistency of calibration depends on vehicle speed and
road surface type. This is more pronounced in the case of
higher damage. Damage calibration on better roads is less
uncertain and gives consistent but less sensitive results. Worse
roads are less consistent in calibration values but give more
sensitive results. Therefore the road surface roughness type C
is optimal for calibration purposes.

The study is particularly useful for continuous online bridge
health monitoring since the data necessary for analysis can be
obtained from the operating condition of the bridge and the
structure does not therefore need be closed down.
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ABSTRACT: There has been considerable capital investment in Ireland over the past decade, by both Government and the
private sector. There are conflicting opinions as to whether Ireland has invested sufficiently in its productive networks over the
past decade. Ireland may have nationally invested considerably, but how has this been distributed across the country? This paper
focuses on and reviews the overall investment that has occurred in the road network, and its distribution across the country. The
level of investment is correlated with possible economic and political drivers, to examine if the investment has occurred in
locations that will support the future economic development and growth of the country. The paper tests the correlation of the
investment relative inter alia to population density, growth projections, and distribution of overall national construction activity.
A study period of 2003 to 2009 was selected as this shows the steepest growth and drop in the nation’s economic history.
Understandably, capital investment in Ireland over the past 3 years has been severely curtailed by the present national and
international economic crisis. Ireland still performs poorly in the international measure of quality of infrastructure and quality of
roads, as measured by the World Economic Forum and the International Monetary Fund. The country needs to ensure that where
there is future investment in productive infrastructure, it must be targeted where it is most needed, and deliver the greatest return
for the investment.
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1 IRELAND’S ECONOMIC ACTIVITY 2003 TO 2009

Ireland witnessed unprecedented growth and investment
during the period 2000 to 2007. During this period Ireland’s
construction industry contributed in excess of 20% to the
national gross domestic product (GDP). Direct employment in
construction peaked at 13.5% and Ireland’s economy was
experiencing an extraordinary growth, in the construction
sector in particular. This was one of the main factors in
driving up property prices and other consumer goods. Table 1
below shows some of the key national economic statistics of
the period 2003 to 2009.

Table 1. Key economic statistics 2003 — 2009.

No of Gov Capital Productive
Employees in Construction investment infrastructure
Construction outputas %  as % of investment
(000) of GDP GDP as % of GDP
2003 1914 17.01% 6.06% 3.08%
2004 206 18.39% 5.64% 2.94%
2005 242.2 19.46% 5.27% 2.64%
2006 268 21.78% 5.29% 2.57%
2007 264 20.38% 6.23% 3.20%
2008 216 18.11% 7.56% 3.67%
2009 137 11.31% 4.51% 2.84%

Source: CSO data [1] and author’s own calculations

This activity peaked in 2007 and Ireland has experienced an
extraordinary decline in GDP, GNP, construction activity and
capital investment, since. Government capital investment
peaked in 2008 with an investment of €13.6 billion, while the
projected/allocated budget for capital investment in 2012 is €4
billion, a 70% reduction.

This severe cut in capital investment, despite reduced
tendering costs, will certainly hamper and slow Ireland’s
growth in this particularly difficult phase. Certainly, Ireland
invested considerably over the ‘celtic tiger’ period in
productive infrastructure, as evidenced in Table 1 above. This
paper demonstrates how Ireland still performs poorly by
international comparison, and how the driver for some of the
investment during this period, has not improved Ireland’s
growth and competitiveness.

Much has been written on the overall national investment in
Ireland’s infrastructure; however, little analysis has been
carried out on the distribution of this investment across the
country and the resulting cost benefit and strategic
importance. This paper reviews how the investment has been
distributed across the 26 counties of Ireland, and evaluates
this against a number of possible drivers. The particular focus
of this paper is the national roads investment.

2 PRODUCTIVE
IMPORTANCE

National infrastructure investment in Ireland is generally
classified by the Government into social, economic, and
productive infrastructure [2]. Sectoral economic infrastructure
investment includes the agriculture, food, fisheries, tourism,
forestry and industrial sectors. Social infrastructure includes

INFRASTRUCTURE AND IT’S
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such categories as: social housing; education and science;
health; and government construction. In recent publications
the Irish government has re-categorised education and science
investment as productive/economic infrastructural investment.
However, this paper will continue to use the term ‘productive
infrastructure’ as meaning physical networks [3], i.e. water
and wastewater networks; electricity infrastructure;
connectivity and communications networks and roads which
are the main focus of this paper.

Infrastructure, and in particular productive infrastructure,
has been internationally recognised as being vital to the
growth and competitiveness of an economy. Gramlich [4]
clearly identified the link between productivity, economic
health and infrastructure investment.

3 IRELAND ON THE INTERNATIONAL STAGE- IT’S
PERFOMANCE

It is evident that Ireland has invested in productive
infrastructure over the study period, with 3% to 4% of GDP,
as outlined in Table 1 above. However, the question remains
whether this was sufficient to improve the country’s growth
and competitiveness. The World Economic Forum (WEF)
publishes an annual global competitiveness report which
reviews more than 130 global economies. The WEF measures
an economy’s performance using 12 pillars of competitiveness
[5-9]. Each country is categorised into one of 3 main
headings; basic requirements which are key to factor driven
(FD) economies; efficiency enhancers which are required for
efficiency-driven (ED) economies and innovation and
sophistication factors which are necessary for innovation-
driven (ID) economies. Some economies are identified as
being in transition between FD, ED and ID. The basic
requirement  pillars are institutions; infrastructure;
macroeconomic environment; and health and primary
education. The efficiency enhancer factors are higher
education and training; goods market efficiency; labour
market  efficiency;  financial market  development;
technological readiness; and market size. The innovation and
sophistication (ID) factors are business sophistication; and
readiness. Ireland’s performance in the WEF reports over the
past number of reports is outlined in Table 2 below, for
overall competitiveness, infrastructure generally, and roads in
particular.

Ireland’s overall infrastructure score and ranking has
improved from 49™ position in the 2007-08 report to 29" in
the 2011-12 report. However, overall quality of infrastructure
has seen only a small improvement from 64" to 53 in the
same period, and with the “quality of roads” ranking
improving from 60" to 40" over the same period.

The 2011 WEF report was used to prepare Figure 1 below.
This identifies Ireland as being in the innovation driven stage
of its development (the phase of each county’s growth is
indicated). When Ireland’s performance and ranking is
compared to some of the European Union (EU) and accession
countries, it does not perform well.
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Table 2. Ireland’s WEF performance.
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Figure 1. Plot of WEF 2011-12 best road quality and
infrastructure quality for a selection of EU counties, also
showing stage of development as per WEF (Source: WEF
Global competitiveness report 2011-12 [9]).
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Yet, when Ireland’s position is reviewed relative to some of
the EU member and possible accession states, it sits alongside
Lituania and Turkey, both of which are in the transition zone
between efficiency driven and innovation driven economies.

Some may argue that the Global competitiveness reports are
very much based on ‘perception’ and ‘opinion’. However,
these reports are published annually amid much pomp and
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Ireland, now more than ever needs to improve its ratings and
overall international image. This is clearly presented in an
International Monetary Fund (IMF) report [10] where
structural reform gaps are identified, using a heatmap. Ireland
has “high’ or red gaps in network regulation (a medium-term
gap) and infrastructure (a long-term structural reform gap).
The Irish Government in its latest book of estimates uses the
‘improved’ ranking of the quality of Irish roads, as published
in the WEF reports, as justification for reducing its capital
investment plans. This book of estimates however does not
identify Ireland’s poor position relative to its EU partner
countries, as this paper has done, in Figure 1 above. If Ireland
wants to ‘show its open for business’ it must increase its
overall capital investment.

A World Bank (WB) [11] report notes that fast-growing
countries are characterized by high levels of public investment
in infrastructure, with values as high as 7% of GDP. Ireland
did invest this level in 2008, but was well short of this level in
the study period. If Ireland should have invested 7% of its
GDP on infrastructure, then it underinvested €13.6 billion
over the years 2003 to 2009. Based on figures collated, this
would equate to €7 billion deficit in productive infrastructure
investment. Indeed, this WB report also highlights the great
shortage or unavailability of data on infrastructure investment,
globally.

4  ACCESS TO RECORDS

There are poor records for national capital stock and capital
investment.

4.1  Capital Stock

Keeney [12] identifies that Ireland does not have clear records
of Government Capital Stock. Indeed, in the preparation of
this paper and in reviewing investment patterns, it was evident
that there was a lack of record-gathering over the study period
and it was difficult to gain access to information. Investigating
the national distribution of government capital investment
across the county proved a very difficult task with a number
of weaknesses identified.

4.2 Local Authorities Annual Financial Statements

In order to appraise the level of public investment in roads,
the Annual Financial Statements (AFS) [13] of each county
and city were reviewed for the period 2003 to 2009. These
AFSs are submitted to the Department of the Environment,
Heritage, and Local Government internal audit division, by
the Local Authorities.

A number of observations can be made with regard to the
accessibility and clarity of these records while researching for
capital investment in productive infrastructure figures: there
was a lack of ‘standardisation’ of the format, some counties
recorded water and wastewater capital investment separately
while others combined them under the heading ‘water
services’. Additionally, there is a considerable delay in the
auditing of the draft accounts of the local authorities - audited
accounts for 2010 have yet to be released at the time of
writing this paper in early 2012. This delay in information
must make it extremely difficult for counties and indeed
central government departments to plan, when they cannot use
historic trends.
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Some of the local authorities make the information available
on their websites; while for others it proved extremely
difficult and in some instances impossible to get access to the
records.

However, road investment has always been recorded as a
separate heading, in the capital investment account and
therefore these records were reasonably accessible. Also, the
National Roads Authority (NRA) [14] publishes its annual
reports on its website and this contains the national
distribution of its grant investment to each county.

5 IRELAND’S ROAD INVESTMENT

The National Roads Authority (NRA) is responsible for the
capital investment and maintenance of Ireland’s motorway
and national primary roads. In 2008 the NRA also became
responsible for the secondary and local roads. Ireland’s
overall national investment is profiled in Figure 2 below.

Capital Investment in Roads

2,000
1,800
1,600
1,400
1,200
1,000
800
600
400
200

€Million

2003 2004 2005 2006 2007 2008 2009 2010 2011 2012

Figure 2. Capital Investment in Roads 2003 to 2011 (out-turn
values) and 2012 (projected investment) [15].

Figure 2 shows that Ireland has invested considerably in
roads in the study period, and this resulted in Ireland’s
international rating for roads improving. However, the
evidence in the WB report discussed above would indicate
that Ireland should continue to invest heavily in its road
network. Tender prices have decreased considerably over the
period 2007 to 2012 and the impact of the reduced cost of
delivering capital investment relative to how much Ireland
should invest, to continue its improvement in international
rankings will be further researched in a later paper.

5.1  The National Distribution of this Investment

Capital investment in Ireland’s road network is funded
through central government grants, via the NRA and Local
Government funds. Local Government is funded through a
variety of sources eg. from central government, road tax and
rates. There is also a category of ‘development contributions’.
These contributions are levied on developers, as a condition of
their planning permission. They are generally calculated based
on €/m? of the building footprint. Each Local Authority (LA)
has different rates and indeed some LAs charge an additional
premium for eg close proximity to rail corridors. Table 4
below illustrates the considerable positive impact, in some
cases in excess of 20% [13], that these development
contributions had on local authority incomes over the study
period. The AFS of the LA record their capital income
separately from the revenue income.
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Table 4. Development Contributions as a percentage of Local
Authority (local government) capital income — some

examples.
Kerry CorkCo |Mayo
2003 2.69% 6.63% n/a
2004 1.57% 10.06% n/a
2005 0.97% 14.00% n/a
2006 10.85% 20.87% 8.80%
2007 8.86% 26.61% 12.19%
2008 5.09% 8.37% 4.52%
2009 4.23% 1.54% 3.02%
(source: Local Authority AFS 2003-2009[13], where
available)

Table 5 shows the profile of a number of counties road
capital investments. The collective national average NRA
grant was 74.2% of the national capital investment in the
study period.

Table 5. Total Capital Investment (CI) in roads 2003-2009 by
Local Authority, NRA grants and new Kms of motorway.

Total Capital Tote}l NRA
. |Capital Kms of
- Investment in |. NRA as %
District investment MW* to
Roads 03-09 of Total Cl
eM by County 2009
03-09 €M
Westmeath Co] 6,055.30 572.7 94.60% 56.38
Kildare Co 9,525.90 777.1 81.60% 53.67
Galway Co 7,211.10 631 87.50% 50.69
Cork Co 5,765.40 483.5 83.90% 48.9
Tipperary, SR]  4,650.70 457.1 98.30% 48.8
Cavan Co 700.3 58.1 83.00% 0
Mayo Co 1,979.60 164.8 83.20% 0
Sligo Co 1,013.80 88.4 87.20% 0
Leitrim Co 833.4 76.9 92.30% 0
Monaghan Co 1,893.00 174.6 92.30% 0

Source: Local Authority AFS [13], NRA annual reports [14],
author’s own calculations (MW* - Motorway)

The counties selected in table 5 are based on the top five
counties per km of motorway constructed and the five
counties with no motorway, but highest percentage of capital
investment funded by the NRA.

If studied, the counties that have higher than average NRA
grants are counties located along the motorway routes from
Dublin to Cork, Limerick, Galway and Waterford, which is to
be expected. A total of 662 km of motorway were constructed
in Ireland during the period.

However, there are a number of counties that had a higher
than average investment by the NRA, in particular Leitrim,
Mayo, Cavan, Monaghan and Sligo. Roscommon, Donegal
and Longford also had higher than average NRA grant
assistance over the period. These counties are evaluated with a
number of other variables in following section.
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6 POSSIBLE DRIVERS TO INVESTMENT

Gramlich [4], in his essay on capital investment, identified a
number of drivers for capital investment. These included
engineering need, political decisions and econometric
estimates and returns. The NRA has robust reviews of its
projects, based on traffic surveys and therefore need.
However, where there are projected increases in population
and substantial areas zoned for housing, a ‘need’ for road
improvements/upgrades result. There follows a discussion on
some of the drivers for roads investment, all of which
originated with the Government at the time and Central
Government policy.

6.1 Section 23 Tax Reliefs

The Irish Government prepared a number of strategy plans
during the 2000-2010 period. The National Spatial Strategy
(NSS) was prepared in 2002 [16,17]. It had a great vision,
that Ireland would be a better place to live with a better
quality of life for all and a better spread of job opportunities.
It suggested that to enable this vision, a framework of hubs,
gateways and other urban and rural areas act together. In line
with this, the Government set in place a number of tax relief
programmes, which have come to be known as Section 23s.
These gave capital tax allowances to the developer and
included a vast array of developments from rural renewal, to
holiday cottages, hotels, private hospitals etc. It would appear
that the original function of these tax reliefs was to halt rural
decline, encourage economic regeneration and develop
economic and social infrastructure. A review of these was
undertaken in 2005 [18] and a number of recommendations
were made, including halting the reliefs immediately, to
giving a five year extension. What is apparent now is that
while some of these 2005 recommendations were acted on,
the construction and completion of section 23 properties
continued. While the original concept of the section 23 was to
deliver specific types of development in highlighted
geographical locations, the overall quantity and spatial
distribution went somewhat unmanaged.

The Irish Department of Finance issued an impact
assessment consultation paper in June of 2011 to review the
impact of amending existing property tax reliefs [19]. This
paper presents the Section 23 reliefs linked to the residing
county of the tax payer. This means that if the tax payer
resides in Cork, they make their tax return to the appropriate
Cork tax district of the Office of the Revenue Commissioners,
the tax payer lists/documents their Section 23 property or
properties for which they are claiming relief against their
income tax. However, this tax return information does not
register the address of the section 23 property.

Clearly, therefore, the Revenue Commissioners information
does not identify the location of the Section 23 properties.
From discussions with the Departments of Finance, there is no
‘list’ of where these properties are located. This Department
of Finance consultation paper [19] identified that there were
74,003 claims of tax relief for Section 23 properties (living
accommodation only), over the period 2004 to 2009.

During the preparation of this paper, previously unpublished
records were received from the Department of the
Environment, which identified the number of certificates
granted for the purpose of claiming the tax relief. These
certificates were issued by the Department of the Environment
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to each owner of a property. These certificates allow the
pattern of Section 23 properties to be mapped across the
country, as per Table 6 below. In total, from the records
received, it would appear that there were 37,117 certificates of
compliance issued. Some certificates are for a number of
properties. Section 23 properties included in table 6 are for
third level student accommodation, living over the shop
scheme, sea-side resorts, town renewal and urban renewal.

Table 6. The percentage of Section 23 certificates issued per
county as a proportional of the national total, 2000-2009.

www.bcri.ie

the recent housing boom. The counties analysed were Cavan,
Donegal, Galway, Leitrim, Longford, Mayo, Monaghan,
Roscommon, Sligo. Bearing in mind that both Roscommon
and Galway had considerable motorway investment as
identified in table 4 above, a second scenario of excluding
Galway County and Roscommon is analysed. Records of
housing stock i.e. the number of units existing and available to
be lived in, the number of units occupied and the overall
vacancy rates in these counties were analysed. The results are
presented in Table 7 below.

Table 7. Correlation coefficients of Roads, investment and
housing development, population distribution.

As % of total As % of total
Section 23 Section 23
County pertific_ates County E:ertific_ates
issued in issued in
period 2000 period 2000
to 2009 to 2009
Dublin 16.03% Louth 1.03%
Longford 13.63% Wexford 1.03%
Leitrim 13.44% Carlow 0.99%
Roscommon 11.12% Donegal 0.97%
Sligo 10.51% Kildare 0.87%
Limerick 6.17% Kilkenny 0.69%
Cork 4.39% Clare 0.57%
Waterford 4.31% Tipperary 0.53%
Cavan 3.94% Meath 0.51%
Galway 3.60% Laois 0.47%
Westmeath 1.98% Offaly 0.38%
Kerry 1.32% Wicklow 0.17%
Mayo 1.19% Monaghan 0.16%

Source: Department of the Environment, Heritage and Local
Government (previously unpublished numbers)

Table 6 shows the very large proportion of section 23
properties that have been constructed in the Border- Midlands
-West (BMW) region, Longford at 13.6%, Leitrim 13.4%,
Roscommon 11% and Sligo at 10.5%. There was also
considerable section 23 development/activity in Cavan and
Westmeath.

6.2 Methodology and Analysis of investment data

Considerable data has been collated in the preparation of this
paper. This included roads investment by local authority,
NRA grants to each local authority. A number of data sets
were collated and prepared to test if there was a correlation
between roads capital investment and other variables. These
correlations are a test of the linear relationship between a set
of values, with a correlation coefficient of 1, demonstrating a
perfect match in the 2 data sets. It was decided to test using
area of the local authority, population, population density,
Section 23 properties, housing stock, with a focus on some
BMW counties.

6.3 Housing Vacancy Rates

With such construction activity, it was decided to focus on a
number of BMW counties, to understand if there was a
correlation between the level of road capital investment and

Area in hectares AND kms of road, for all cities and 0.942
counties
Population density AND kms road, for all cities and -0.42
counties
Hectares of County AND % of NRA as Capital 0.45
Investment, for all cities and counties
Hectares AND NRA as % of all BMW counties 0.56
Pop density AND NRA as % of BMW counties -
0.538
Pop density AND %NRA of CI*, for all cities and counties -
0.562
No of Households and NRA roads Cl 0.441
Total CI* in roads AND housing stock 0.794
Total CI* in roads AND housing stock, incl Roscommon  0.695
and Galway Co (BMW region)
Roads CI per capita AND housing stock, excl Galway Co -
and Roscommon (BMW region) 0.907
Roads CI per capita AND housing stock, incl Galway and -
Roscommon (BMW region) 0.629

CI* - capital investment

This table shows a number of correlations. The kilometre of
roads is in line with the hectares of the county as would be
expected. There is reasonably close correlation of -0.42
between the population density of a county and the kilometres
of road, as the population per hectare increases, the kms of
road decreases. There is a reasonable correlation of -0.538
inversely between the grant aid of the NRA to the BMW
counties and the population density of the BMW counties.
This indicates that the lower the population density, the higher
the grant aid to the county.

There are very close correlations between the national
capital investment in roads and the housing stock by county.
Considering the high vacancy rates across the country, it
would indicate that housing development influenced the
investment in the roads network. The length of Ireland’s road
network is dependent on the hectares of the county (0.942
correlation) and the higher the population density the fewer
kilometres of roads, as would be expected.

The National Roads Authority provides varying grant
assistance to local authorities. These grants have generally
been in line with motorway investment. However there is
evidence that considerable grants have followed the house
building trend, with a correlation co-efficient of 0.441. This
trend would suggest that Ireland, with an average house
vacancy rate in excess of 15% (with some counties as high as
25% to 30% vacancy rate) may have invested in regional
areas, where there is not the expected return inter alia of
population and therefore traffic volumes.
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Indeed the national trend of a 0.794 correlation between
capital investment in roads and households by county, would
clearly indicate that road investment followed the national
housing bubble

6.4 Political Influence

The Government developed the National Spatial Strategy
(NSS) in 2002 and subsequent National Development Plans
(NDP). These documents gave considerable focus to
increasing the population in the BMW counties, consequently
leading to considerable productive infrastructure investment.
While it was necessary to a certain extent, the tracking of the
developments to ascertain when there was sufficient was not
done. There are now counties where there was sufficient
housing stock in the 2006 census to accommodate the
population recorded in the 2011 census, with surplus.

7  CONCLUSIONS

The review of Ireland’s investment in its road network has

identified a number of interesting observations:

e The roads investment was generally in line with
motorway construction and road improvement. Road
investment was in line with the hectares of the counties
with a correlation of 0.942

e There is evidence of a correlation between the roads
investment and the housing bubble, a 0.794 correlation

e lreland’s international rating of quality of roads has
improved over the study period; however we are at the
same ranking as EU countries with less innovative and far
lower GDP economies, eg Turkey, Lituania, Slovenia and
Iceland.

e The IMF in a recent paper clearly identified Ireland’s
infrastructure as being a ‘high level’ structural reform
gap.

e This situation has to be improved with more targeted road
investment, outside of political influence and government
polices.

e There has been a lack of record keeping over the period,
eg of tax relief data, housing stock figures in the 2002
census and distribution of investment in local authorities

e Development contributions had a large positive impact on
local authority budgets over the study period (as high as
20%). This aided the development of productive
infrastructure. This finance is not available at present to
the local authorities.

e |t is strongly recommended that a complete review of
national development and planning strategies be
undertaken, and a more balanced and sustainable policy
be developed. Ireland, at this very difficult economic time
needs to ensure that where there is investment, it will lead
to economic growth and improve Ireland’s international
rating.
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Freeze-thaw resistance of fibre reinforced concrete
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ABSTRACT: A key issue in attaining durability of concrete is the prevention of freeze-thaw and, its associated affects. This
durability issue pertains primarily to flat, horizontal and water saturated concrete structures, which include: footway pavements;
carriageways; seawalls; dams and; bridges. Whilst aesthetical resulting in a concrete with a poor appearance, more importantly,
the affects of freeze-thaw gives rise to a hazard, that if untreated can endanger the structural integrity of a concrete element. As
a result, air-entraining agents have in the past, been applied to counteract this intrinsic durability issue. Fibres, used to reinforce
concrete, are commonly acknowledged as improving specific properties of concrete. These include compressive strength,
engineering properties and abrasion resistance. Therefore, it was thought possible that they may also improve a concretes
freeze-thaw resistance. Where, concrete mixes were developed, using different types and dosages of synthetic fibres.
Mechanical properties of compressive, tensile splitting and flexural strength were recorded, and freeze-thaw resistance was
measured under accelerated conditions, after 45, 90 and 135, 24-hour cycles of exposure. This study indicates that synthetic
fibres improved compressive strength by up to 14% at 28 days testing, and tensile splitting strength by up to 22%, whilst,
flexural strength in general, is maintained or slightly improved in comparison to the reference concrete. The results
demonstrated at best similar, and in the main slightly reduced resistance to the affects of freeze-thaw exposure. Finally, linear
regression analysis was applied, to statistically establishing the degree of association between concrete freeze-thaw resistance

and its mechanical properties. The strongest correlation was obtained with comparison of compressive strength.

KEY WORDS: Freeze-thaw; Synthetic fibres; Concrete; Engineering properties.

1 INTRODUCTION

The resulting affects on concrete, due to freeze-thaw affects,
not only poses a problem aesthetically, where surface damage
results in poor appearance, but also in respect to more severe
hazards that can jeopardize the integrity of a whole structure.
The most common forms of freeze-thaw damage in concrete
are: surface scaling; concrete pop-out; d-cracking and; internal
damage. The distinctions between these are arbitrary. While
the first two are surface or near-surface phenomena, the latter
two may occur throughout a concrete element. This durability
issue pertains principally, to flat horizontal surfaces such as
roads, and saturated concrete structures such as sea walls,
dams, and bridges.

Unlike ordinary reinforced concrete which, contains an
appropriate minimum percentage of reinforcement bars, fibre
reinforced concrete contains discrete dispersed fibres. The
concept of utilising fibres to enhance construction material
properties can be traced back over 4000 years, to the use of
straw in bricks and horse hair in plaster [1]. Patents have been
granted since the turn of the century for various methods of
incorporating wire or metal chips into concrete. The first
significant development is often credited to Joseph Lambot
[2]. He inferred in his 1847 patent that the addition of
continuous fibres to concrete in the form of wires or wire
meshes created a new building material. Thirty years later, A.
Bernard from California managed to create an artificial stone
by the addition of granular waste iron to a concrete mix [3].
Indeed, many credit him with inventing modern day steel fibre

reinforced concrete where, in 1874 he patented the concept of
strengthening concrete with the addition of steel splinters [3].

Fibres of various shapes and sizes produced from steel,
synthetics, glass and natural materials find application in
concrete. General consensus suggests that fibres do improve
specific properties of concrete, and that fibres can be
particularly  beneficial under extreme environments.
However, where air-entraining agents are commonly applied
to improve concretes resistance to freeze-thaw resistance, it is
not unreasonable to infer that fibres may also improve its
freeze-thaw resistance properties. The principal aim of this
research was to investigate this affect. Different types and
dosages of synthetic fibres where used. The scope of this
research assessed the performance of a selective range of
strength characteristics, in addition to freeze-thaw resistance
of fibre reinforced composites. This facilitated comparisons
to be made with plain un-reinforced concrete, and a
determination of the suitability of applying strength
characteristics of fibre reinforced concrete to estimate freeze-
thaw resistance.

2 PROGRAMME OF WORK

This paper reports on the characteristics of three fibres,
applied in different dosages and combinations to concrete,
namely: (i) Fibremesh 150 (Propex); (ii) Enduro HPP 45
(Propex) and; (iii) Strux 90/40 (Grace), at a single w/c ratio of
0.50. The strength characteristics that are investigated
included: (i) compressive strength; (ii) flexural strength and;
(iii) tensile splitting strength. Freeze-thaw resistance of
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concrete when placed in an accelerated exposure environment
was investigated thereafter.

3 MATERIALAND MIX PROPORTIONS

The performance of three fibres were examined in this work:
(i) a micro-synthetic fibre (Fibremesh 150); (ii) and two
macro-synthetic fibres (Enduro HPP 45 and Strux 90/40).
Key characteristics of the three fibres are given in Table 1.

Table 1. Chemical and physical properties of fibre.

www.bcri.ie

Table 2. Cement properties.

Property Measured

Material Fineness*, Loss on Particle
mi/kg Ignition, DenS'gy.

% glcm

CEM | 414 1.74 3.14

Chemical and .
. Fibremesh Enduro
Phy3|c_al 150 HPP 45 Strux 90/40
Properties
Specific 0.91 0.91 0.91
Gravity
Fibre Length 12mm 45mm 40mm
Material Polypropylene Polyolefin  Polypropylene
Type/Shape Fine/Micro Macro Macro
Melt Point 162°C 164°C 160°C
Ignition Point 593°C >550°C 590°C
Acid and Salt . . .
Resistance High High High
Alkali . Alkali .
Resistance Alkali proof proof Alkali proof
Natural sand and natural gravel conforming to

BS EN 12620:2008 was used as fine aggregate in all mixes.
A single sourced CEM | 42.5N cement, conforming to
BS EN 197-1:2000 was utilised, with the key characteristics
of the cement given in Table 2. Seven concrete mixes were
proportioned for a single w/c ratio of 0.50, total cement
content of 330 kg/m® and single water content of 165 kg/m®.
These are in accordance with the BRE method for designing
normal concrete mixes [4]. The mix design was to achieve a
consistence conforming to the S3 slump class in BS 8500-
1:2006. Table 3 gives the standard CEM | mix design. Figure
1 and Table 4 outlines the fibres and concrete mix fibre
proportions, expressed as a percentage of the total cement
content.

The specimens were cast in moulds and, cured under damp
hessian and polythene sheeting to maintain a high humidity
(> 95%) for 24 hours. The specimens were then de-moulded,
marked for identification and cured in water at 20°C + 2°C, in
accordance with BS EN 12390-2:2000, until time of testing.

4  EXPERIMENTAL FINDINGS

4.1  Compressive strength

The compressive strength of all concretes was determined by
testing 100mm cube specimens in accordance with
BS EN 12390-3:2002. The relationship between time and 3,
7, and 28 day compressive strength for all concretes are
shown in Figure 2. In all cases, these exhibited the typical
shape that would be expected. For any given concrete, the
addition of fibres in the cementitious matrix gives rise to a
concrete which exhibits higher strength than that of plain
concrete lowest.
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*Tested by Blaine fineness method

Table 3. Concrete mix constituent proportions.

Mix Constituent Proportions, kg/m*"

Aggregates (mm)
WIE coment  Water  Natral Natural Gravel
ratio Sand
0/4 4/10 10/20
0.50 330 165 750 395 770

*Glenium 51 a high range water reducing superplasticising admixture
was added to all concrete at a dosage of between 0.2 and 0.8l/m® per
100kg of cement

Figure 1. Fibre types (a) Fibremesh 150; (b) Enduro HPP 45
and; (c) Strux 90/40.

Table 4. Concrete mix fibre type, combination and percentage

details.
Conqrete Concrete Mix Details,
Mix o
o of total cement content
Number
Mix 1 CEM 1 (reference concrete)
Mix 2 CEM | + 0.3% Fibremesh 150
Mix 3 CEM | + 1.7% Enduro HPP 45
Mix 4 CEM | + 1.5% Strux 90/40
Mix 5 CEM | + 0.3% Fibremesh
+ 1.7% Enduro HPP 45
Mix 6 CEM | + 3.0% Enduro HPP 45
Mix 7 CEM | + 3.0% Strux 90/40

Test results demonstrate that the addition of steel fibres
increase compressive strength almost linearly. This rate of
increase is higher at early 3 day testing to that of later 28 day
testing. As outlined in Table 5, on analysing the data further,
the strength of fibre reinforced concretes at a given day, were
up to 19% higher than that of plain unreinforced concrete.
These results indicate that Mix 2 was the best performing
concrete in compression to the plain un-reinforced CEM |
reference concrete. Thereafter, Mix 4 and Mix 5 indicated
increases in strength development in the ranges of 19% and
17% after 3 days and 7% and 5% respectively after 28 days
water curing. The results of Mix 3 and Mix 6, indicate that the
addition at the two levels of Enduro HPP 45 fibres in the
cementitious matrix provided the slowest rate in strength gain
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over the three test ages. These are in comparison to the
remaining fibre reinforced concretes.

=t MiX1 M= MiX2  e——Mix 3

= Mix 4 ==Se=Mix5 ~=—t=Mix6 ||

COMPRESSIVE CUBE STRENGTH, N/mm?2

b MiX 7 5

o# L L
0 5 10 15 20 25 30
DURATION OF CURING, Days

Figure 2. Compressive strength development of concretes.

With respect to the addition of Strux 90/40 fibres, it was
noted that the strength development of Mix 7 was less than
that of Mix 4. This would indicate an optimum fibre addition
level, to that of the 3% addition to Mix 7. The workability of
concrete was found to reduce significantly during concrete
production, when fibre content increased to the higher dosage
level (3% by total cement content). Fibres introduced at the
mixer should be added gradually as bunching of the fibres was
initially observed during concrete production. This would be
seen as a contributing factor to the trends in these results, and
this will be discussed in further detail in Section 6.

Table 5. Compressive cube strength development of
concretes.

Compressive Cube Strength,

Col\r}ﬁ;ete % of CEM | Reference
Number Concrete
3 day 7 day 28 day

1 100 100 100
2 119 115 113
3 111 107 105
4 119 115 107
5 117 111 105
6 111 104 102
7 117 109 104

Finally, on examination of the concrete cube specimens
after compressive strength testing, the actions of the fibres are
more apparent. The photographs presented in Figure 3,
demonstrate how the unreinforced plain concrete breaks in a
brittle manner after initiation of the first cracks. However, in
respect to the reinforced concrete the presence of fibres
inhibits this extensive crack propagation process.

4.2 Tensile splitting strength

Tests for tensile splitting were carried out in accordance with
BS EN 12390-6:2000 at 28 days. The tensile splitting
strength results indicate that the addition of fibres improves
tensile strength of concrete. Plain unreinforced concrete
would be expected to be weaker under this type of loading, in
comparison to fibre reinforced concrete. This is an important

www.bcri.ie

parameter for beams, as tensile splitting strength provides an
indication of concretes shear strength in diagonal tension,
where increases can be utilized in structures subjected to shear
loading.

Figure 3. Compressive strength tested specimens after 28 day
compressive strength testing.

Typically these increases ranged from 11% - 22%, to that of
the reference CEM | concrete, as presented in Figure 4.
Concrete Mixes 2 and 7 demonstrated the greatest
improvements at 22% and 21%, when compared to the
reference concrete. The results indicate similar performance
with the 0.3% Fibremesh 150 and 3.0% Strux 90/40 fibres,
and reduced improvement in performance with the inclusion
Enduro HPP 45 fibres. Thereafter, binary blending of fibres
resulted in reduced performance in comparison to the urinary
blended fibre reinforced concretes.
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Figure 4. Tensile splitting strength results after 28 days moist
curing.

Finally, on analysing the mode of failures in Figure 5, the
affect of fibres on the tensile fracture behaviour of concrete
can be further understood. Notably, unlike the spalling and
subsequent cracking behaviour of the reference CEM |
concrete, the fibre reinforced concrete demonstrated greater
ductility. Significantly, only Mix 3 demonstrated a brittle
failure which may be attributed to the scanty of 45mm long
fibres at the 1.7% addition level.

4.3  Flexural strength

Flexural strength was carried out to BS EN 12390-5:2000, at
28 days. The analysis of data obtained from Table 2 appears
to indicate that there was no significant increase in concrete
performance with the inclusion of fibres. Mix 6, proved an
exception, demonstrating a 7% decrease in flexural strength
which, corresponds with the trends observed from
compressive strength.  Thereafter, the remaining fibre
reinforced concretes demonstrated similar or slightly higher
measured values to that of the unreinforced concrete.

However, in understanding this behaviour, one should note
that fibres operate by improving the post-cracking ductility of
a cementitious matrix. Plain and reinforced concretes have
approximately the same behaviour in the pre-crack phase.
Fibres are added to concrete, primarily to improve its
toughness or energy absorption capacity (i.e. the area under
the complete load-deflection curve in flexure). This is
achieved in fibre reinforced concrete, through the bond of
fibres to the cement matrix.  Therefore, analysing the
load-deflection behaviour and not only the load-crack
behaviour of the concrete, during testing, would provide more
advantageous data.

The flexural test results also revealed that specimens
without fibre had little ductility, and once the maximum
flexural strength was reached, the specimens failed suddenly.
However, the failure characteristics were completely changed
with the introduction of fibres. Fibre reinforced concrete
specimens did not fail suddenly after the occurrence of initial
cracks. This can be attributed to the randomly oriented nature
of the fibres crossing the cracked section, which facilitates
greater resistance to the propagation of cracks and subsequent
separation of the section. This facilitates an increase in the
load carrying capacity.
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Figure 5. Tensile splitting specimen after 28 days testing.

4.4  Freeze-thaw resistance

The freeze-thaw resistance test was determined on 28 day
water cured 50mm x 150mm x 150mm concrete samples
which, were cut from 150mm x 150mm cube specimens after
45, 90 and 135, 24-hour cycles of laboratory simulated
freeze-thaw exposure.  The specific detail of the test
procedure which, was adopted is not detailed herein. The
reader should refer to [4] to obtain this information.

The results demonstrate the no overall benefits were
obtained in respect to enhancing freeze-thaw properties of
concrete, when fibres are added to the cement matrix. Scaling
of all the concretes was similar, increasing linearly in volume
with time. This can be seen in Figure 6 and Figure 7. The
average quantity of scaled material recorded was 0.196 kg/m?
for the plain un-reinforced CEM | concrete, whilst scaled
material values for the fibre reinforced concretes ranged from
0.197 kg/m? to 0.209 kg/m? respectively.
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Table 6. Flexural strength at 28 days testing.

28 Day
Flexural Strength

Concrete
Mix
Number fyr % of CEM |
N/mm? Reference
Concrete
Mix 1 5.43 100
Mix 2 5.47 101
Mix 3 5.38 99
Mix 4 5.38 99
Mix 5 5.65 104
Mix 6 5.07 93
Mix 7 5.78 106

f the calculated flexural strength

0.70

E
3 050
g
=z
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Y oa0
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3
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3 020 s
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Figure 6. Cumulative freeze-thaw scaling affects after 45, 90
and 135, 24-hour cycles of laboratory simulated
freeze-thaw exposure.

In addition, on assessing cumulative scaling affect with time,
it was established, that that the percentage of scaled material
removed, in comparison to the CEM | reference concrete
reduced with each extended length of exposure. In all
instances, the quantity of scaled material was higher than that
of the reference concrete. These findings are presented in
Figure 7, were across the range of concrete the value of total
scaled material increased from plus 1%-11% respectively.

A reduction in total scaled material quantities with
increased duration of testing, may reflect an expected increase
in formation of the hydrated cement matrix which, would
occur over this period. Whilst the hydration process would be
altered due to the exposure environment, these statements
cannot be substantiated without further microscopic
examination. Furthermore, it is likely, that the addition of
fibres to the cement matrix may result in a less dense concrete
microstructure. This in turn, would result in the fibre blended
concretes possessing a coarser internal pore structure, which
would allow space for water pressure to release after the thaw
process takes place and during the freezing process.

www.bcri.ie
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Figure 7. Cumulative freeze-thaw scaling affects as a
percentage of the CEM | reference concrete.

5 SUITABILITY OF  APPLYING STRENGTH
CHARACTERISTICS OF FIBRE REINFORCED
CONCERTE TO ESTIMATE FREEZE-THAW
RESISTANCE

Concrete compressive strength is related to the hydrated
cement paste structure, and is influenced by the number, type,
size and distribution of pores present. Researchers have
reported on the possibility of applying this parameter in
attaining information into overall concrete quality [5, 6]. In
statistically establishing the degree of association between
concrete freeze-thaw resistance and, the three strength
characteristic, linear regression analysis was applied. This
allowed correlation coefficients (r) and coefficients of
determination (r’) to be attained. Whilst representing a
simplified technique, this approach will indicate whether the
pairs of variables in different units are related.

Table 7 outlines the relationships which developed between
the cumulative freeze thaw measurements of the concrete, and
the strength characteristic measurements. Due to the limited
amount of data generated during this study, the seven concrete
types were combined in generating the statistical output.
Although linear regression of the data tended to generate weak
correlation coefficients (r = 0.80) [7], it was observed that
these regressions did represent the underlying data trend. The
current data set suggests that the strength characteristics of
tensile splitting and flexural strength are not suitable to be
applied when estimating freeze-thaw resistance of concrete.

The strongest correlation was obtained when comparisons
were made with compressive strength. These findings are
best illustrated in Figure 8 where, the key characteristics of
the compressive strength regression analysis with that of
cumulative scaling, after 45, 90 and 135 days of 24-hour
exposure are represented. Significantly, this demonstrates the
potential of applying compressive strength characteristics
when estimating the freeze-thaw resistance of fiber reinforced
concrete. In addition, noting that their correlations were
developed across the seven different concrete types, if a
greater set of data were available to allow comparison within
fiber reinforced concrete types, it is expected that these
correlations would improve even further.
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Table 7. Correlation comparisons between freeze-thaw
properties and strength characteristics.

(5]
Number .5 £ o925 =<
of Free- £ ZED 59D
558 SE28% X&
Thaw = % @ g_ E/:) f %
Cycles 8
Pearsons 45 0862 0879 0829
Correlation 90 0.723 0.568 0.089
Coefficient (r) 135 0.071 0.089 0.152
Coefficient of 45 0.743 0.772 0.687
Detergnination 90 0.528 0.323 0.193
(r), % 135 0.005 0.008 0.023
0.70
. 0.60 ; x —
% R2=0.6866
=~ 050
g
< 0.40
?
Y o030 -
2 R2=0.7722
g 0.20 *45-days
8 0.10 R m90-days
R = 0.7436 A135-days
0.00
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COMPRESSIVE CUBE STRENGTH, N/mm?

Figure 8. Regression analysis of compressive cube strength at
28-days, and cumulative scaling after 45, 90 and 135, 24-hour
cycles of laboratory simulated
freeze-thaw exposure.

6 CONCLUSION AND RECOMMENDATIONS

The aim of this research was to analyse the freeze-thaw
resistance of concrete when reinforced with synthetic fibres.
Both strength characteristic and freeze-thaw testing were
completed to achieve this.

Based on the work presented in this paper, it can be
concluded that; (i) fibre inclusion does result in higher rates of
compressive strength gain; (ii) in the attainment of higher
tensile strength and; (ii) have no positive effect on flexural
strength development. However, they do increase post-crack
ductility of concrete, in comparison to plain unreinforced
concrete. In particular, it was observed that the inclusion of
fibres into the cement matrix imparts little benefit to the
freeze-thaw resistance properties of concrete. Where benefits
are observed, these are limited to less than 10% of the
reference concrete in the research.

In addition, some recommendations for further
investigations can be suggested. The suggestion from the data
presented in this paper, is that the addition of fibres to the
cement matrix, may result in a less dense concrete
microstructure and consequently  further research s
recommended on this aspect.  Further research should be
undertaken on concrete with varying w/c ratios, and total
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water and cement contents. This would allow for greater
conclusions to be drawn on the practicalities of fibre inclusion
in resisting freeze-thaw, and in applying the compressive cube
strength of fibre reinforced concrete, as a measure of potential
freeze-thaw resistance.

There are limits in relation to how fibres can be used in
concrete. In particular, fibres can import significant
constraints on concrete workability, even with the inclusion of
a superplastercising admixture. A method of concrete
production is required to counteract fibre bunching in the
mixer. One proposal is to utilise a 25mm - 30mm sieve when
adding fibres to the cement matrix, as this will reduce the
occurrence of fibres forming balls.  However, whilst
acceptable for controlled laboratories environments, this may
not be practical in site conditions. A method of working
needs to be developed to ensure that adequate mixing
procedures are followed.
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Cracking in concrete walls due to an external temperature load
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ABSTRACT: Considerable research has been carried out on thermal cracking of concrete due to heat of hydration but less work
has been done on cracking due to external heating. External heating can occur due to normal environmental conditions such as
heating of concrete pavements or bridge beams by the sun but this paper is concerned with situations where the maximum
concrete temperature reached is greater than that produced by solar heating, though less than 100 °C. Examples include storage
of heat-producing substances in industrial and agricultural facilities and accidents involving the release of high temperature
liquids or gases. A theoretical model is proposed that allows the effects of various external heating events to be calculated. In
particular, the model can be used to predict the time-varying temperatures and stresses induced across the concrete element. This
information can be used to predict whether thermal cracking will take place and whether the moment capacity of the section will
be reduced due to unfavourable combinations of thermal and other loads. Both transient and steady-state temperature profiles are
predicted by the model. The model also allows for different restraint conditions. The theoretical model was applied to a
laboratory test which was designed to simulate a real reinforced concrete wall in a concrete silo used to store mushroom
compost. A temperature load of about 80 °C arose in this structure from the internal heat generated by the compost. The
predicted temperatures were found to match the measured ones quite well and the predicted stresses provided a good indication
of when cracking first occurred.

KEY WORDS: concrete walls; thermal cracking, temperature load, thermal stresses

1 INTRODUCTION

. . 2 BACKGROUND THEORY
Thermal cracking of concrete usually refers to cracking
caused by the temperature rises due to heat of hydration. 2.1  Transient and Steady-state temperature distributions

Considerable work has been done on modelling temperature Ty sjtyation being modelled involves a concrete wall at room
and thermal stress in this context [1]. However, cracking can temperature being exposed to a sudden increase in

also be caused by external heating and this is the subject of  temperature on one side only. If the initial heating takes place
this paper. Temperatures of less than 100°C only are r5iqly and the elevated temperature is then maintained for a
considered so that issues such as spalling due to steam  congiderable period of time, there will two distinct stages:
pressure do notarise. _ o transient heat flow and steady-state heat flow.

Thermal cracks are obviously undesirable so it is useful to In the transient stage, as the wall heats up, the concrete has
be able to predict whether a given concrete member will crack 5 temperature distribution which is non-linear across the wall
in any external heating scenarios that may arise during its  hickness. Ignoring any heat losses perpendicular to the main
design life. The likelihood of cracks occurring will depend on Kot flow direction, the temperature distribution across a wall

many different factors including the size and shape of the ;¢ \width L can be described by equation (1) together with
member, the restraint conditions, the size of the temperature boundary equations (2) and (3):

rise and how rapidly the heating occurs. Thermal restraint can

also induce another form of load that acts in combination with o 27

the other loads that the member must resist. =% @)
A theoretical model is described in this paper that predicts

temperature and stress profiles in concrete members subjected (3_T y = h_h(Tah'Th) )

to external heating. The model is then applied to one nix=0 K

particular member type, namely a long, high wall. As the or "

length and height of the wall are much greater than its (g)x_f f(TaC—TC) 3)

thickness, the heat flow can be approximated as being one-
dimensional. A particular restraint condition is modelled \yhere

which allows linear expansion but prevents curving of the 1 — T(x,t) is the temperature in °C at a distance x from the
wall due to the temperature difference between the sides. heated face at time t

a is the thermal diffusivity of the hardened concrete in m%/s
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h, , h. are combined convection and radiation coefficients
from the hot and cool face of the concrete in W/m?°C.

k is the conductivity of the concrete in W/m°C

Tan is the ambient temperature adjacent to the hot face

T, is the ambient temperature adjacent to the cool face

Ty, is the surface temperature of the hot face

T. is the surface temperature of the cool face

hy, and h, may differ significantly as the hot face is gaining
heat from outside while the cool face is losing heat. The
convection and radiation conditions may also be different on
the two faces if, for example, the hot face is inside a building
and the cool face is outside. From equations (1) to (3), it can
be seen that the temperature history can be calculated from the

L . h
initial temperature if three parameters are known, namely a, ?h

and hf These are assumed to be constants under the conditions

considered for this project. If the ambient temperatures
remain relatively constant (after the initial rapid temperature
elevation on one side) eventually

2
ZTZ and g—: both reach a value of zero resulting in a linear
temperature distribution that does not vary with time. This is

the steady-state condition.

2.2 Restraint Conditions

If the source of restraint is external to the member it is called
external restraint. If the restraint arises internally from one
part of the member restraining another part then we call it
internal restraint. Some thermal stresses arise due to internal
restraint, other stresses are caused by external restraint.

To illustrate this, three different types of restraint are
illustrated in Figure 1. In each case a beam is subjected to an
elevated temperature on one side only. The beams are
insulated on all sides except the side opposite the heat source
(the heat source itself also being surrounded by insulation) so
the heat flow is approximately 1-dimensional from the heated
face to the opposite cool face. The deformed shape due to
thermal expansion is shown dotted for Beams 2 and 3 (there is
no deformation in Beam 1). These deformations are
exaggerated in the diagrams.

Beam 1 is fixed at both ends preventing both axial and
curvature deformation. This effectively restrains all of the
thermal strain as the wall is unable to expand. The whole
beam goes into compression in both the transient and steady-
state conditions. There will be no thermal cracking.

Beam 2 is simply-supported and there is effectively no
external restraint. The beam is completely free to expand and
change shape (this situation will not arise in a wall as there
will always be restraint at the foundation level). During the
transient stage, the increase in temperature will cause linear
expansion as shown. Also, since the side being heated will try
to expand more than the cool side, the beam will also bend
into a curve as illustrated in the diagram. This type of
situation has been analysed in detail in the context of simply-
supported bridge beams subjected to solar heating [2, 3]. It
has been found that stresses can arise, due to internal restraint,
during the transient heating stage which can, in some cases,
cause thermal cracking.

Beam 3 beam is free to expand axially but there are moment
restraints at the ends which prevent the beam from curving.
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This is equivalent to Beam 2 with a uniform sagging moment
added to prevent the curvature of the beam. This situation can
cause significant tensile stress at the bottom surface of the
beam and so could result in thermal cracking. This is the
situation that is examined in this paper.

Heat Source

R A A )
7 4
Beam 1 7 7
; A
Heat Source
T S O S
Beam2 Y :
----------------- -
fh-
Heat Source
* * ‘ * * ‘ */////
P 2
7] " ¥
Beam 34 N

VL4
Figure 1. Three Restraint Conditions.

2.3 Thermal stresses

When a concrete member is prevented from expanding or
contracting freely as it heats up or cools down, there is
restraint present. The type of restraint has a big influence on
the thermal stresses induced in concrete members by external
heating. Different restraint conditions will cause different
thermal stresses. For the 1-dimensional case the ‘free strain’,
which is the strain that would occur if there was no restraint,
can be calculated from:

EF & O((AT) (4)

where;
¢r = Free Strain
AT =temperature increase at the point
o. = co-efficient of thermal expansion of the concrete

The restrained strain can be calculated from:

er = (ea— &F) ®)
where;
ea = Actual Strain (e.g. from a strain gauge reading)
er = Restrained Strain

Finally, the thermal stress induced in the concrete is given by:

o,=E () (6)
where;

ot =thermally induced stress in the concrete
E = Modulus of Elasticity of the concrete

It can be seen that the stress induced depends on the restrained
strain rather than on the actual strain. For example, in the fully
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restrained case, the actual (measured) strain is zero but a large
compressive stress arises in the concrete.

3  THEORETICAL MODEL

There are many “off-the shelf” finite difference and finite
element programs available for modelling 1-dimensional heat
flow through walls. However, in this study, a model was
needed that allowed for various temperature loading situations
(i.e. various ambient temperature/time profiles on the hot and
cool side), various restraint conditions and various thermal
properties to be tried out and quickly analysed. It was
concluded that an EXCEL based model developed specifically
for this purpose would be much more flexible and convenient.
Accordingly, a theoretical model was developed to predict the
temperature and thermal stress profiles induced in concrete
elements. The model consists of two main components — a
transient temperature prediction model and a stress calculation
module.

The procedure is summarised below:

0] A set of n equally spaced nodes along a line,
perpendicular to the wall surface is defined by the
set {x;, i=1,n } with x; denoting the heated surface
and x, denoting the cool surface. The size of n may
be varied as required

(i) If the set {T;, i=1,n } denotes the temperatures at
nodes {x;, i=1,n } at a particular time t then the
second derivative of the temperature profile is
approximated using the following finite difference
approximation:

AT T 2Tit T,y 7
25T (7)

where ox s the nodal spacing.

(iii) The temperature/time gradient at an internal node
can approximated by:

oT _ AT

o~ E (8)
where AT; is the temperature increase at node i over a
short increment of time &t

Substituting these approximations into the equations

in Section 2.1 results in the following equation for

the temperature increase at an internal node i over
time interval ét:

Ti+1-2Ti+T, 4

Anz&xf—jﬁ——] )

(iv) Finite difference approximations are also used to

find the temperature increase at the surface nodes

that satisfy the boundary equations at the hot and

cool faces. This was achieved by introducing

“dummy nodes” X, and X,+; and calculating

temperatures for these nodes that ensured that the

boundary conditions were satisfied at each stage

(v) The “locked in” increment of compressive stress

for each node Ad’; is then calculated from:
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Ac'i =E¢, = Ea(AT)) (10)
(vi) for the Beam 3 restraint condition, the average
compressive stress is calculated and subtracted
from the Ac’; values to give the final thermal stress
increment Ag; for each node. This adjustment
allows for the free axial expansion assumed for
Beam 3 as described in Section 2.2

When all of the temperature and stress increases
have been calculated for each node the temperature
and stress at each node at the end of the time step
is calculated by adding the calculated changes to
the values at the beginning of the time step:

The above procedure is repeated for each time step

(vii)

(viii)
4  CASE STUDY

The case study considered in this paper was a mushroom
compost plant comprising ten large reinforced concrete
bunkers [4]. Each bunker was 8.5m wide by 40 metres long on
plan and was 9m high. All bunkers shared a 300mm thick
back wall (approximately 85 metres long) and were separated
from each other by nine 40m long, 0.3m thick internal walls.
Each of these walls ended in a 0.5m x 0.5m open pier. Figure
2 illustrates a plan view of one of these walls.

1.2m deep foundation 0.5m x 0.5m pier

Compost

Compost
bunker

bunker

85m long x 9m

40m long x 9m high x 0.3m

high x 0.3m thick back wall
thick wall /
> S

Figure 2. Plan view of internal wall of silo (not to scale).

Mushroom compost generates heat internally reaching
temperatures of up to 80°C. In normal use, a situation would
often arise where there was compost in one bunker but not in
the adjacent one. This would cause a temperature load to be
experienced by one side only of the relevant internal wall.
This was the situation examined in this paper.

The effects of thermal expansion were taken into
consideration in the design of the bunkers by pouring a 1.2m
deep foundation at the front of the building over its full length
(shown dotted in Figure 2). This acted as an anchor into which
the walls were tied. The rest of the building and foundations
were poured as a raft with friction between the raft and the
ground being reduced to a minimum by methods such as
pouring them onto polythene sheets. Despite these
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precautions, extensive cracking of the internal walls was
observed. One aim of this project was to investigate whether
the cracks in these walls were thermally induced and whether
the measures taken to prevent cracking were appropriate.

It was first noted that the construction method used could
have created restraint conditions in the internal walls similar
to Beam 3 described in section 2.2 as firstly it was designed to
allow free axial expansion and secondly it seems likely that
the internal wall was restrained from curving along its 40m
length due to the restraint provided by the pier, the end wall,
the foundation of the wall itself and possibly the roof. As
noted in section 2.2, this restraint condition results in the most
severe tensile thermal stresses of the three restraint conditions
and may not have been appropriate in this case.

An experimental test was carried out to mimic the
temperature and restraint conditions experienced in the
internal walls of the compost bunker. Measured results from
this test were then compared with theoretical predictions.

5 EXPERIMENTAL STUDY

An experimental test was undertaken as a final year student
project [4] . A 2.4m x 0.5m x 0.3 concrete test piece was made
up (see Figure 3) that was designed to mimic a portion of one
of the 0.3m thick internal walls of the bunker having a similar
concrete strength (30 N/mm?) and reinforcement arrangement
(H12 @ 150mm cc in both directions) to the real wall. The
temperature and restraint conditions of the test specimen were
designed to mimic the real bunker wall. Figure 3 also shows a
timber wand attached to the end of the test piece. This was
used to monitor end rotations by placing a displacement dial
gauge at each end of the wand.

Figure 3. Concrete test piece.

To achieve the required restraint conditions the test piece
was encased in a metal frame which was designed to provide a
time-varying bending moment just large enough to counteract
any curvature caused by temperature. The method was similar
to that used by Elbadry and Elzaroug in a previous study [5].
A metal clamp with two cantilever beams was attached to
each end of the specimen. One of these can be seen in Figure
3. A compression boom was then formed between the ends of
the two cantilevers on one side while a tension boom was
formed between the ends of the two cantilevers on the other
side. Both booms can be seen on plan in Figure 4 which
shows half of the test piece only.
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Figure 4. Plan view showing half of specimen and frame.

The compression boom consisted of two beam sections with
end plates. A load cell was then fitted between the endplates
Figure 5 illustrates this (load cell is not in place in this photo).

Figure 5. Test piece and compression boom.

The tension boom consisted of a chain with a turnbuckle
which could be twisted to produce the required tension. The
chain can be seen in Figure 4. To achieve the required
temperature load one 2.4m x 0.5m side of the specimen was
heated by enclosing it in an insulated, silvered light-box
containing three sodium lamps which is illustrated in Fig. 6.
The lightbox was built from 18mm plywood with 50mm
polystyrene insulation. This was used to create an ambient
temperature of up to 1420C on the heated side. The opposite
side was left exposed to ambient air temperature. All other
sides of the test piece were insulated so that heat flow was
approximately one-dimensional through the 300mm thickness
of the wall.

Figure 6. Lightbox with three sodium lamps.
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A line of temperature gauges was embedded in the concrete
test piece from the centre of one 2.4m x 0.5m face to the
centre of the opposite face. The gauges were placed at 75mm
intervals with the first being placed just below the surface on
the hot face and the last being just below the surface on the
cool face giving five gauges in all. Two additional
temperature gauges were used to measure the ambient
temperatures inside the light-box and adjacent to the cool
face. Temperatures were measured at five minute intervals.
The test piece was made from rapid-hardening concrete and
was left to set for 30 days so that hydration would have
reduced to very low levels.

The temperature gauges were connected to a data logger
and temperatures automatically measured at 5 minute intervals
throughout the test.

At the start of the test, the sodium lamps were switched on
leading to a rapid increase of temperature on the heated face.
As the concrete heated up, any curvature detected by the
displacement gauges was removed by increasing the loads in
the compression and tension booms. These loads and the
times at which they were changed were recorded. The
appearance of any visible cracks was also noted.

6 MEASURED RESULTS
PREDICTIONS

Figure 7 shows recorded temperature/time plots for the light-
box and for ambient temperature adjacent to the cool face. As
the graph shows, the temperature in the lightbox increased
rapidly to over 90°C after one hour and then increased more
gradually peaking at 142°C after fifteen hours. The ambient
temperature was relatively constant, fluctuating between 17.5
and 19.5°C.

AND THEORETICAL
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Figure 7. Lightbox and Ambient temperature plots.

The theoretical model described earlier was applied to the
test sample and calculated temperatures were compared to
measures values. Figure 8 shows measured and predicted
temperature/time profiles for the hot face, the centre of the
wall and the cool face respectively.

The results showed that the theoretical predictions were in
good agreement with measured values for the temperatures at
each node up to about 18 hours. Between 18 and 20 hours the
experimental temperatures showed an unexpected drop while
the predicted theoretical temperatures continued to increase.
These predictions were made using an assumed thermal
diffusivity (o) value for the concrete (which was made with
limestone aggregate) of 8 x 10° m%s and experimentally
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determined values for h?“ and hf which were estimated from the

steady state temperature profile in the specimen. It should be
noted however that the accuracy of the predicted temperatures
is quite sensitive to the values of the three thermal properties
so these need to be measured experimentally, as accurately as
possible, to ensure a good predictive model.
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Figure 8. Measured and predicted temperature/time plots.

The temperature profiles across the wall, from hot face to
cool face, after two hours and eighteen hours, are illustrated in
Figure 9. It is clear that the profile is highly non-linear at the
earlier time but is close to linear (steady-state) at the later
time. Again, there is a reasonably good match between
predicted and measured temperatures.
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Figure 9. Measured and predicted temperatures across wall.

The thermal stresses were then calculated, (for an uncracked
section) using the method described in section 2.4. Figure 10
illustrates the predicted stress profile after 2 hours (tensile
stresses are negative). At this stage the temperature profile
was highly non-linear.

14

Predicted Stress Profile in Concrete at 2 hours

Stress (N/mm?)
o N & O

Distance (m)

Figure 10. Predicted stress profile after 2 hours.

The predicted stresses vary from 11.5 N/mm2 compression
on the heated side to 2.8 N/mmz2 tension on the cool side. The
theoretical model predicted that the thermal tensile stress on
the cool face would exceed the tensile strength of the concrete
(assumed to be one tenth of the compressive strength or
3N/mm2 in this case) after just over 2 hours. Thus, it was
predicted that the transition from un-cracked to cracked
section began at this time.

The experimental results were consistent with the predicted
behaviour as the moment that had to be applied (using the
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tension and compression booms) to prevent curvature of the
specimen increased steeply in the first 2 to 3 hours and then
levelled off, indicating the transition from un-cracked to
cracked behaviour. In the experiment, the first visible,
substantial crack was not detected until much later, after
approximately eight hours with further visible cracks after
approximately nine and ten hours. The theoretical model
cannot currently be used to predict if or when cracks wider
than the allowable crack width first appear but it is planned to
develop it further to make this possible.

7  CONCLUSIONS

A theoretical model is described for predicting temperature
and thermal stress profiles in concrete walls subjected to
external heating on one side under various restraint
conditions. The model was tested against experimental data
and was found to make reasonably accurate predictions of
temperature profiles.

In an experimental test, it was found that the highly non-
linear temperature profiles that resulted from rapid heating
caused the tensile strength of the concrete to be exceeded after
approximately two hours. However, substantial, visible cracks
did not appear until about eight hours into the test.

The theoretical model was used to predict the time at which
the concrete first begins to crack and this prediction was
consistent with the experimental measurements. The
theoretical model is not sufficiently developed at present to
predict if or when cracks wider than the allowable crack width
will appear.
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ABSTRACT: The deployment of wind energy has grown rapidly over the last two decades with an average annual growth rate
of more than 26% since 1990. During this period the development and innovation of wind turbines has resulted in continual
growth in wind turbine size with output ranges of 10-15MW likely to be deployed by 2020. This increased output has a knock-
on effect on the growth of rotor diameters and tower heights. Wind turbine towers are required to become taller, stronger and
stiffer in order to carry the increased weight and associated structural loading. Consequently, the dimensions of the tower cross-
sections must be increased which results in manufacturing and transportation difficulties as well as increased material costs.
Thus, this paper focuses on the development of wind energy technology over the last two decades and the optimisation
techniques cited in current literature. From this, a multi-objective optimisation problem is defined as maximising the structural
performance of wind turbine towers while simultaneously reducing the life cycle costs and emissions associated with electricity
generation from wind. A multi-objective optimisation model based on a harmony search algorithm is presented. This model is
proposed to be developed further in order to determine a set of optimal combinations known as Pareto optimal solutions, which
will allow a trade-off between the life cycle costs and emissions. Findings from the continuing research are envisaged to
support the deployment of large scale wind turbines both onshore and offshore from structurally more promising, economically
more competitive and environmentally greener towers.

KEY WORDS: Optimisation; Life cycle cost; Life cycle assessment; Wind turbine towers; Steel; Concrete; Wind turbines.

1 INTRODUCTION

Wind energy has gained popularity worldwide as countries
strive to increase the production of renewable energy
technologies in order to mitigate global warming and meet
future energy demand. Over the last decade the utilisation of
wind energy worldwide has grown rapidly with an average
annual growth rate of about 30% [1].

This is driven by the implementation of legislation such as
the European Commission’s Renewables Directive
2009/28/EC and Strategic Energy Technology Plan (SET-
Plan) which support the development of cost effective low
carbon energy technologies such as wind energy [2-4]. This
framework is required to help meet the 2020 targets to reduce
greenhouse gas (GHG) emissions by 20% and ensure that
20% of Europe’s energy comes from renewable energy
sources [3].

To achieve these targets the European Wind Initiative’s
main objective is to maintain technology leadership in both
onshore and offshore wind energy by making onshore and
offshore wind the most competitive energy sources by 2020
and 2030 respectively [4]. This has led to research activities
into the development of the technology used in wind turbines
and their manufacture both for onshore and offshore
applications with the aim of reducing the cost of wind energy.
As a result, a large prototype offshore wind turbine with 10-
20MW output range will be developed and demonstrated [4].

Furthermore, the development and innovation of wind
turbines over the last two decades has resulted in continual
growth in size with output ranges of 10-15MW likely to be
deployed by 2020. This increased output has a knock-on

effect on the growth of tower heights and rotor diameters
requiring wind turbine towers to become taller, stronger and
stiffer to carry the increased weight and associated structural
loading.

The predominant designs for worldwide wind turbine
towers are tubular steel tower solutions primarily due to the
mastering of their design and ease of installation [5].
However, with increasing steel prices, manufacturing,
transportation and vibrational issues, concrete towers are
becoming a viable, if not optimal solution for taller towers [5-
8].

Furthermore, research into reducing the cost and improving
the design of these towers has been limited and with the ever
increasing size of the next generation wind turbines the need
to optimise the wind turbine tower structure is vital to reduce
the cost of wind energy [9].

This paper focuses on the development of wind energy
technology over the last two decades and the optimisation
techniques cited in past publications. From this, the proposed
optimisation methodology for the continuing research into the
optimisation of wind energy infrastructures is defined and
discussed.

2 BACKGROUND AND SIGNIFICANCE

2.1 Industrial background

There is a large amount of research papers and reports
highlighting wind energy as the world’s fastest growing
energy source [1], [2], [4], [9-12]. The annual European
installed wind energy capacity has increased steadily over the
last 17 years from 814MW in 1995 to 9,616MW in 2011 with
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an average annual growth rate of 15.6% [13]. During this
period the trend was to have large scale and more powerful
wind turbines in order to capture more energy and to bring
down the cost of wind energy generation. This resulted in the
sizes of the turbines, including blade length, tower height and
generation capacity becoming larger and larger [1].

Moreover, rotor diameters have increased eight fold and the
average capacity of wind turbines installed around the world
during 2007 was 1.5MW whereas now Enercon operates the
world’s largest onshore wind turbine rated at 7.5MW at a hub
height of 135m [6]. Currently, Clipper is planning to
manufacture a 7.5MW turbine with both Clipper and Sway
developing 10MW prototypes for offshore deployment [1].

Due to the tendency towards larger wind turbines on taller
towers a number of difficulties has arisen in relation to the
predominately used tubular steel tower designs. As a result,
manufacturing and transportation difficulties arise as the
dimensions of the tower cross sections must be increased to
accommodate the increased weight [5], [6], [8].

For example the lower sections of steel towers 90m or
greater can no longer be transported by road due to the
European road width and bridge clearance limits [6].
Additionally, shaping of the steel sheets for the steel towers
require special machines for diameters greater than 4.5m
which are not always available in steel fabrication workshops
[5]. In Ireland, for example, no indigenous steel industry
exists; therefore steel towers are designed, fabricated and
imported from abroad; which adds to transport costs and
transport related GHG emissions.

Moreover, it has been established that as towers go beyond
85m problems arise with the current tubular steel tower
designs due to the vibrations induced by the wind turbine
[14]. This has led to alternative proposals such as the use of
precast or in-situ prestressed and reinforced concrete and/or
hybrid materials [8], [14], [15]. Also extensive research is
being carried into the development of glass fiber reinforced
polymers for tower solutions [16].

According to Tricklebank et al. [8] the use of concrete in the
wind energy sector has been ‘predominantly in foundation
applications either to form gravity foundations or pile caps’.
Nevertheless concrete tower solutions are being used onshore
by at least three wind turbine manufacturers Enercon, GE
Wind and Nordex. Yet no manufacturers have exploited their
use offshore.

Recently Enercon completed the Castledockrell windfarm in
the southeast of Ireland which consists of eighteen 2.3MW
turbines on 84m precast concrete towers; this was the first
time this type of tower had been used in Ireland [17]. More
recently Enercon installed Europe’s highest elevation wind
turbine on a 83m precast concrete tower in the Swiss canton
of Valais 2,465m above sea level [18]. This tower solution
was chosen due to the extreme conditions and the
technological and logistical challenges at this location.

Nordex have solved the logistical and resonance frequency
problem of towers with a hub height of over 100m by
developing a special concrete/steel hybrid tower [8], [19]. Up
until 2006, they only used steel towers but have recognised
that concrete offers a relatively inexpensive alternative. The
tower solution involves the use of locally supplied materials
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and ensures an optimal tower height to make the most of the
prevailing conditions [19].

This underlines concrete’s adaptability in terms of
manufacture and transport compared to steel as well as the
ability to alter the tower design for particular scenarios. This
influences the challenge to optimise tower designs which are
subject to aggressive environments and vibrational behaviour.
Additionally, these structures must be cost effective and
possess minimal construction and maintenance GHG
emissions over their design life.

Although some research has been conducted into the
optimisation of wind turbine towers limited research has
focused on their structural performance, cost and
environmental impact [15], [20-22]. Consequently, this gives
rise to the need to identify an optimal tower solution based
upon the trend of increasing wind turbine sizes and hub
heights in order to reduce the cost of wind energy.

2.2 Research significance and objective

The wind turbine tower structure is the most material
consuming part of the wind turbine system (rotor, nacelle and
tower) accounting for 26% of the material cost of the system
[9]. However, the drive to improve its design or reduce its
material consumption and cost has been limited. Thus, this
presents an opportunity to investigate the application of new
materials for the tower structure.

This requires a thorough investigation into the material
selection process for the tower where the material will need to
withstand the wind turbines structural demands while
minimising cost and environmental impact.

Hence, the purpose of this research is to identify an optimal
solution for the tower design with the objective of maximising
the structural performance while simultaneously reducing the
cost of wind energy and its associated environmental impact.

3 AN OVERVIEW OF OPTIMISATION

In mathematics, optimisation refers to the process of choosing
the best alternative from some set of available alternatives
[23]. This means solving problems in which one seeks one or
more feasible solutions to minimise or maximise one or more
objective functions by systematically choosing the solutions
from within an allowed set [23].

Typically, optimisation is used to minimise cost and/or
maximise performance levels subject to engineering or
regulatory constraints. Over the past few decades, designers
have spent considerable effort to integrate design techniques
from different disciplines. This integration is motivated by the
idea that better designs can be achieved through concurrent
engineering and the commercial imperatives of reducing both
design time and cost [7], [23].

According to Bafios et al. [24] ‘computational optimisation
can be defined as the process of designing, implementing and
testing algorithms for solving a large variety of optimisation
problems’.  This method of optimisation includes the
disciplines of mathematics to formulate the model, computer
science for algorithmic design and analysis, and software
engineering to implement the model [24].

Although computational optimisation methods have focused
on solving single objective problems there exists multi-
objective algorithms for the simultaneous optimisation of
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several objectives [24]. As a result, large numbers of
optimisation  techniques for handling multi-objective
optimisation problems are cited in over 5,600 publications up
to January 2011 [25].

The purpose of a multi-objective optimisation problem
(MOP) is to find a vector of the design space that optimises a
set of objectives and meets a set of constraints. The objective
functions are the quantities that the designer wishes to
maximise, minimise or match a certain value. The
mathematical problem in standard form for minimisation is
formulated as follows [26]:

Minimise: f(x) = {f,(X), f,(X),..., fy (¥)} (1)
subject to: g;(x) <0, i=1..L 2
h; (x) =0, ji=1..K 3)
X <x <X I=1..,N 4)

where:

X = (Xg,...,Xy) IS the design vector with N variables;

f (X) is the objective vector with M objective functions; and

g and h are the inequality and equality constraints
respectively on the design vector and the constraints (4) are
called boundary constraints.

When M = 1, there is only one objective function to be
minimised and the problem is referred to as single objective
optimisation. In this case, classic optimisation methods or
evolutionary methods such as genetic algorithm (GA) or
simulated annealing (SA) can be used to solve the problem
[26]. When M > 1, the problem is known as multi-objective
optimisation. In this case, minimising several objectives at the
same time may not be possible and the concept of a Pareto
solution must be used [26].

According to Maginot [26] the general consensus of
engineers and mathematicians working in the area of
optimisation is that the Pareto optimal set may contain
information that can help the designer to make a decision and
thus arrive at better trade off solutions. When solving a MOP
with conflicting objectives a unique solution generally does
not exist; but a set of non-dominated solutions known as the
Pareto solution exists. A feasible design point is said to be
Pareto optimal if no other feasible design can improve some
of the objectives without simultaneously being detrimental to
others [26].

In order for the decision maker to quickly assess the trade-
off between the two objectives a Pareto front needs to be
plotted. [27]. The plot of the objective functions whose non-
dominated vectors are in the Pareto optimal set is called the
Pareto front. Figure 1 shows an example of a Pareto front for a
MOP whose objectives are CO,¢q emissions and life cycle
cost. These objectives are naturally conflicting where the cost
of environmental friendly materials is usually higher than
conventional materials. As a result, the need for a multi
objective optimisation approach is required.
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Figure 1. A sample Pareto front [27]

In literature, several algorithms have been suggested for the
approximation of Pareto fronts [7], [24—-26]. Among them are
evolutionary multi-objective optimisation algorithms (EMOA)
which have become increasingly popular and have attracted a
considerable amount of research effort over the last 20 years
[25]. They are considered to be robust with design flexibility
as they can be applied for different representations and
adapted to different computing environments [26].

A survey cited by Zhou et al. [25] indicates the research
work on EMOA from different aspects. Some are based
mainly on generic methodologies, theoretical developments
and special methods for MOPs, for example SA, particle
swarm optimization (HPSQO) and harmony search (HS).

Traditional mathematical techniques such as linear
programming (LP), non-linear programming (NLP) and
dynamic programming (DP) have frequently been used for
solving optimisation problems [28]. These techniques can
guarantee global optima in simple and ideal models but for
real world problems there are some weaknesses. In LP,
considerable losses occur when a linear ideal model from a
non-linear real world problem is developed, in NLP, if the
functions used in computation are not differentiable, the
solving algorithm may not find the optimum and in DP, an
increase in the number of variables would exponentially
increase the number of evaluations of the recursive functions
and tax the core-memory [28].

In order to eliminate the above weakness of mathematical
techniques, heuristic optimisation techniques based on
simulation have been introduced. These allow a good solution
to be found within reasonable computation time and with
reasonable use of memory. These techniques include GA
which uses reproduction, crossover and mutation operators to
define fitness and to create new solutions. The main
characteristic of GA which differs from SA is the
simultaneous evaluation of many solutions. This feature can
be advantageous enabling a wide search and potentially
avoiding convergence to a non-global optimum [28].

Harmony search (HS) is a new meta-heuristic technique and
is inspired by the natural musical performance process that
occurs when a musician searches for a better state of harmony
[28]. In a HS algorithm, the solution vector is analogous to the
harmony in music and the local and global search schemes are
analogous to the musician’s improvisations. According to Pan
et al. [29] the HS algorithm imposes fewer mathematical
requirements and can be easily adapted for solving various
kinds of engineering optimisation problems.
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Numerical comparisons demonstrated that the evolution in
the HS algorithm was faster than GA. The main difference
between GA and HS is that HS makes a new vector from all
the existing vectors (all harmonies in the harmony memory)
while GA makes the new vector only from two of the existing
vectors (the parents) [28]. Moreover, HS can independently
consider each component variable in a vector while it
generates a new vector whereas GA cannot because it has to
keep the structure of a gene. As the GA is a global search
algorithm which is based on the concepts from natural
genetics [30].

Hence, the HS algorithm has captured much attention and
has been applied to solve a wide range of practical
optimisation problems, such as structural optimisation, cost
reduction in power generation systems integrating large scale
wind energy conversion systems, vehicle routing, combined
heat and power economic dispatch, design of steel frames and
transport energy modeling [29], [30].

From the optimisation methods considered and proposed in
literature, a multi-objective optimisation approach with a HS
algorithm currently presents itself as the most appropriate to
the objective of the present work.

4 METHODOLOGY

4.1 Problem definition

The present problem involves maximising the structural
performance of the wind turbine tower while simultaneously
minimising the levelised cost of electricity production
(LCOE) and the emissions intensity of electricity production
(EIOE). Hence, the optimisation approach aims to minimise
two objective functions, f; and f, represented by expressions
(5) and (6) while satisfying the constraints of expression (7):

LCOE = f,(X;, XX, ) 4)
EIOE = f,(X;, Xp,0-X, ) (5)
9i (%, Xz, )< 0 (6)

The design variables x;,x,,...x, and the parameters of the

problem are all the data required to define a given wind farm
whether onshore or offshore. The design variables are the
magnitudes subject to optimisation, while the parameters are
all the remaining data relating to the wind farm. The
parameters of the tower are all the magnitudes taken as fixed
data, including durability conditions, material density and
design loads considered. The main design variables that will
affect the LCOE and EIOE are the rotor diameter, wind
turbine rating and hub height.

The constraints g; are the tower limit states as well as the
wind regime and wind turbine size. The tower limit state for
each tower height will be defined as the minimum extreme
displacement of the tower tip at the maximum mean hub
height wind velocity [6].

4.2 Obijective functions

The first objective LCOE is the ratio of the cost to produce the
energy to the amount of energy that is produced and is given

by:
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LCOE = NPC/Zn: [ @+r)) )

where:

E; is the electricity produced in year i (kwWh);

r is the discount rate (%) ; and

n is the lifespan (years).

NPC is the life cycle net present cost of electricity generated
given by:

NPC=CC + Zn:[(MC+OC)(1+ ry” ]+ DC@+r)™" (8)
i=1

where:

CC is the capital cost in year 0 (€);

MC is the maintenance cost in year i (€);

OC is the operating cost in year i (€);

DC is the decommissioning cost in year n (€); and

r is the discount rate (%).

The NPC covers the wind turbine costs including items such
as transportation from factory to site, engineering services,
grid connection, operation and maintenance (O&M) and
decommissioning. Cost data for the various items associated
with the wind energy facility are proposed to be obtained from
industry sources and a meta-analysis of reported costs in
publications.

The second objective seeks to minimise the EIOE due to the
CO2-eq emissions that arise during the production and
operation of the wind energy facility. The EIOE is given by:

EIOE= LCE Zn:(Ei) 9)

i=1

where:

E; is the electricity produced in year i (kwWh); and

n is the lifespan (years).

LCE are the life cycle emissions of electricity generating
given by:

n
LCE=CE+ » [(ME +OE)]+ DE
i=1

(10)

where:

CE are the capital related emissions in year 0 (tCO,-cq);

ME are the maintenance emissions in year i (tCOx.e);

OE are the operational emissions in year i (tCO,.¢q); and

DE are the decommissioning emissions in year n (tCOy.g).

An emissions life cycle assessment (LCA) will be
developed using a process based hybrid analysis which
incorporates both process and input-output (1-O) analyses. By
adopting the hybrid methodology the embodied CO,.¢, for the
wind farm can be obtained for each life cycle stage and in turn
for the LCE.

4.3  Proposed optimisation methodology

A HS based optimisation process is proposed for searching for
the wind turbine tower that has minimum LCOE and EIOE for
a specific wind energy facility. This algorithm offers several
advantages over traditional optimisation methods such as [31];
(a) it imposes fewer mathematical requirements and it does
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not require initial value setting of the decision variables, (b) it
uses stochastic random searches, derivative information is
unnecessary, (c) it generates a new vector after considering all
of the existing vectors. The flow diagram of the optimisation
model is illustrated in Figure 2.

Wind turbine tower
design
requirements

|

Construction of optimisation
problem
- Optimisation parameters
- Objective functions
- Constraints

Y

Calculating wind
L frequency due to site
characteristics

Harmony Search
-Assign values for
design variables
-Evaluate objectives

!

Calculating electricity
production (E)

I | ]

Calculating life cycle
emissions (LCE)

Calculating life cycle
cost (LCC)

]

Calculating levelised
cost of electricity
production (LCOE) -
objective f,

]

Calculating emissions
intensity of electricity
production (EIOE) -
objective f,

A

Optimum wind
turbine tower

Figure 2. Flow diagram of the proposed optimisation model

The first step of the optimisation process is the
determination of the fundamental design requirements and
constraints such as the selection of the wind farm site, wind
velocity, wind turbine rating and hub height. After the
selection of the wind farm site, the wind frequency will be
calculated using Weibull analysis.

After the design requirements are determined, the
optimisation problem is constructed by selecting an
appropriate objective function, optimisation parameters and
constraints. The objective functions for this study are selected
as LCOE and EIOE. The optimisation parameters are the wind
turbine tower dimensions, namely height, wall thickness and
diameter.

The optimisation process starts by assigning initial values of
the design variables within the defined range of variables of
the HS algorithm. Using the assigned design parameters,
initially, the electricity produced (E) by each new design is
calculated. Following the E calculation, the LCC and LCE are
calculated for the wind turbine tower. Using E, LCC and LCE,
the LCOE and EIOE are calculated using equations (8) and
(10) respectively.

www.bcri.ie

Next, based on the initial results, the HS algorithm sets new
values for the design variables and another simulation is
performed to evaluate the objectives of the new design. The
new values of the design variables can be chosen either
randomly or using the best obtained values which are already
stored in the harmony memory (HM) of the algorithm. In case
the new solution is better than the worst solution available in
the HM, the worst solution is replaced by the new solution
[27].

As the optimisation routine proceeds, step by step, the
solutions stored in the HM become better and approach the
optimum solution. The process is continued until a pre-
specified maximum number of iterations are reached.

5  CONCLUSIONS

This paper set out to highlight the development of wind
energy technology over the last two decades and its knock-on
effect to wind turbine towers. An overview of the different
optimisation techniques from past publications was conducted
and from this a multi objective optimisation harmony search
algorithm approach was deemed to be the most appropriate.

A description of the problem definition and objective
functions was outlined where the optimisation process aims to
find an optimal tower design that minimises life cycle costs
and emissions. It remains for continuing research to study
the effects of several wind turbine tower designs and to
develop the optimisation model further using different
optimisation techniques.
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ABSTRACT: The current concrete design code (EN206-1:2000) provides for durable design in chloride-rich environments by
specifying measures to inhibit chloride ingress and delay corrosion initiation. As such measures include the provision for using
ground-granulated blastfurnace slag (GGBS) as a substitute for CEM I type cements, it is worthwhile to examine the behaviour
of GGBS concretes in the corrosion propagation phase. This has been achieved by the authors in previous studies using
accelerated corrosion testing in the laboratory and finite element modelling of the cracking process. The results obtained from
this study have provided us with a set of constants which govern the linear cracking behaviour of GGBS concretes and allowed
us to expand the scope of the work to predicting crack propagation behaviour and service GGBS concretes and to compare it to
that of a standard CEM 11 concrete. The results of the study show that, while there is a small difference in the expected service

life, the model is more sensitive to other input parameters.

KEY WORDS: Corrosion; Chlorides; GGBS.

1 INTRODUCTION

One of the primary functions of the cover concrete in a
reinforced concrete (RC) section is the protection of the steel
contained therein, particularly from aggressive agencies
including chlorides. The most common sources of chlorides in
structures are (i) de-icing salts, which are placed on road
surfaces generally during winter and affect highway
structures, and (ii) those present in marine environments [1-2].
Chlorides may enter the concrete through either a diffusion or
permeation process [3]. These chlorides break down the
alkaline environment and passive layer surrounding the
reinforcing bars and can lead to corrosion of the steel in the
presence of moisture and air [1]. This is known as the
corrosion initiation phase, the first of a two-stage process
described first by Tuutti [4]. During the corrosion process, a
rust product, that has a larger volume than the steel it replaces,
forms on the surface of the steel bar. This induces tensile
stresses in the surrounding concrete, subsequently causing
cracking and spalling of the cover concrete during the
corrosion propagation phase. The concrete design standard
EN 206-1:2000 [5] provides measures which can be taken to
reduce or eliminate the risk of chloride-induced corrosion
according to four exposure classes of increasing severity.
These measures include, for example, increased depth of
cover and increased cement content. One measure also
allowed by the standard and shown in the literature [1] as
inhibiting the initiation of corrosion, is the inclusion of
ground-granulated blastfurnace slag (ggbs). However,
experimental work by the authors [6] has shown that, when
considering the corrosion propagation phase, the substitution
of 50% of the cement with ggbs increases the rate of corrosion
propagation over the life of the specimen, despite ggbs being
shown to inhibit corrosion by a factor of 3 in an Irish study by

Evans and Richardson [7]. The difference in crack
propagation behaviour is illustrated in Figure 1, below.

Hence, it is proposed to study the effect on the deterioration
of the structure of the inclusion of ggbs with a numerical
model, to determine the effect on the initiation time and the
time at which the corrosion crack width reaches a severity
which requires a maintenance action; that is the service life of
the structure before a repair is required.

Crack width {mm)

e om

CEMIT CEM I

GGHES
[i] 500 1000 1500 2000 2500 000 3500 4000

Time {hours)

Figure 1 Crack propagation rates (from [6]).

2 BACKGROUND

As the service life prediction of a structure is of such
importance, there are many studies which attempt to predict
the rate and severity of corrosion damage. These studies can
fall into one or more of the areas including accelerated
corrosion experimental tests [8-10], finite element modelling
[11], modelling of the corrosion rate [12], numerical
modelling [8-9,13], modelling of the electrochemical process
[14-15] and spatial variability modelling [16], with many
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approaches possible in each of these areas. However, the
reality is that any such attempts at replicating corrosion
conditions and parameters are constrained by the lack of real-
time data from corroded structures and rely heavily on
extrapolating data and parameters from short scale tests and
models over the design life of a structure, which could be 120
years. Hence, validation of the models can be difficult. Otieno
et al. [17] describes the problems associated with modelling
cracking using any process other than empirical data, due the
vast number of parameters which may influence the corrosion
process: environment, availability of chlorides, moisture and
oxygen, interference between adjacent reinforcement bars and
confinement provided by the concrete, concrete type,
microstructure and quality etc; simply that there are far too
many factors to be considered for the model to be reliable and
an accurate predictor of crack propagation behaviour.

For this reason, the most common and practical approach to
model the corrosion process is to evaluate experimental data
and relate it to real-world conditions — it may be possible to
model accurately only isolated parts or particular scenarios in
the corrosion process, but the applicability of such models to
general corrosion theory or scenarios extrapolated far away
from those studied is dubious and likely to lead to under or
over estimation of the service life of the structure. Where such
models may be useful, is undertaking comparative studies and
determining the likely effect of altering one or more
parameters - geometry, materials etc of the structure and it is
in this realm that this paper will concentrate.

2.1 Review of the Vu et al. 2005 Model

The model proposed by Vu et al. [9] itself following the work
of Andrade et al. [12] and Liu & Weyers [13] and verified by
Mullard and Stewart [8] will form the basis of the comparison
in this paper.

In Vu et al. 2005 [9], the critical Influence of w/b ratio and
cover depth, C — described as “concrete quality” is quantified
in terms of the possible corrosion rate up to and including the
time of to corrosion-induced cracking. The model attempts to
allow for the time-variant nature of the corrosion process.
This model does not take account of concrete type (i.e. binder
properties). This model also attempts to provide for objective
crack propagation analysis irrespective of the accelerated
corrosion rate on which the data is based — previous studies
[12,18] have shown the crack propagation behaviour to be
highly sensitive to the simulated corrosion rate, icrexp: and
thus call into question the applicability of accelerated
corrosion data to real-world timescales. This is because, at
extremely high corrosion rates, (for example, >>200mA/cm2
as discussed by ElI Maaddawy and Soudki [18]) the ability of
the corrosion product to dissipate into the pore structure of the
concrete is limited by the short time available for this process
to take place and the resultant stress experienced by the
concrete is excessively large, leading to abnormal deformation
rates. Hence, the Vu model proposes a “rate of loading”
correction factor to minimize the error in extrapolating
accelerated corrosion data to real world structures. As the
extrapolation is large (from a scale of days to many years) it is
clear that small errors, inherent to the test procedure, in the
accelerated corrosion data may be significant when
extrapolated into real-world timescales.
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2.2 Mullard & Stewart Model 2011

The Vu et al. model of 2005 was further verified in the
experimental work of Mullard [8], in particular the effect of
applying the loading rate correction factor, k, to the
experimental results in order to extrapolate into real-time
corrosion processes. Mullard’s model also proposes a
correction to take into account the confinement of the
reinforcement and interaction between adjacent bars — as this
data is not relevant to the experimental results obtained by the
authors, it will not be considered in this paper.

2.3 Selection of a deterioration threshold

In order to provide a level of deterioration at which the
materials can be objectively compared at, it is necessary to
define a crack width threshold. This threshold is the point at
which a repair or remedial action on the structure is deemed
necessary by the asset manager, and with it, the time at which
the cost of repair is incurred. The threshold may be either
serviceability or ultimate limit state criteria. Most often, the
structure will suffer unsightly cracks and severe staining
before the safety of the structure is compromised, with a loss
of only 10 — 20% of the steel section being noted in studies by
Downey et al. [6], Stewart and Val [19] and Mullard and
Stewart [20] when the structure had far exceeded the
serviceability criteria, hence the serviceability limit state is
considered to be most critical. As such, the maximum crack
width threshold used in this study is 1.0mm, as proposed by
Vu et al. [9]. Other studies by Stewart [19] have suggested
that crack widths in the order of just 0.3 - 0.5mm can be
seriously detrimental to the service life of a structure and so,
crack width limits of 0.3mm and 0.5mm will also be
considered in the model for the purpose of comparison. Few,
if any, existing models consider corrosion damage beyond the
1.0mm limit, as by this stage, the nature of the cracking is so
severe that random spalling and flaking occur and the
structure is in imminent danger; the spalling effect has been
observed in experimental work by the authors [6].

2.4 Input data and parameters

Once the appropriate modelling process has been selected, it
is necessary to obtain the relevant input parameters for the
model. As discussed in section 2.1, the outputs of the
corrosion damage modelling process are highly sensitive to
the inputs, due to the large extrapolation of the accelerated
corrosion data that occurs. To this end, the input parameters
must be selected carefully and are drawn from a number of
sources, including previous accelerated corrosion test data
from the authors, and other relevant parameters proposed by
other modelling attempts in the literature. The most pertinent
source of data and parameters is the model of Vu et al [9] this
model is especially relevant to the authors own work as many
of the geometrical and electrochemical properties of the
previous accelerated corrosion tests [6] are similar to the
accelerated corrosion tests performed by Vu et al; and hence a
level of compatibility was achieved. In particular, this allows
the use of real constants derived by Vu et al. [9] and verified
by Mullard and Stewart [8] which describe the non-linearity
of corrosion process and allow the translation of accelerated
corrosion data into real-time data. These constants hold only
for the exact geometry and concrete type studied — an
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alternative set of constants would need to be derived for
alternative setups, this would require extensive accelerated
corrosion data and is beyond the scope of this paper.

3  MODELLING PROCESS

As discussed previously in Section 2.1, the model of Vu et al.
can be used to predict the corrosion behaviour of an RC
structure, focussing on an RC slab with a reinforcing bar of
16mm diameter, 25mm cover and 0.5 water/binder ratio.
Knowing the accelerated corrosion rate, icreq and the
corrosion propagation rate, Vu et al. determined the likely
service life of the slab, predicting when the concrete cracks
would cross the crack width threshold after which a repair
must be performed. However, the model of Vu et al. does not
take into account the binder type and any influence which this
might have on the service life, despite the fact that
substitutions for CEM Il cements are often performed for the
purpose of extending the service life of a structure in chloride-
rich environments, as permitted by the design code EN 206-
1:2000 [5].

3.1  Finite element modelling

As the Vu et al. model does not currently have a parameter
which describes the role of the binder type in the crack
propagation process, it is required to alter the equations to
allow for this. For this reason, the finite element model of
Thoft-Christensen [11,21] was considered — this model, which
is based on the linear relationship between crack width, bar
diameter and cover depth, does not itself take account of
binder type, but the finite element modelling process is one
which can be used as the basis for evaluating the influence of
binder type when considered in conjunction with the
experimental results. In effect, the “concrete quality”
parameter, common to the Thoft-Christensen model and the
Vu et al. model will be adjusted to also take into account the
binder type, by a factor which brings the model into
agreement with the experimental results — the experimental
results for concrete with solely CEM I1 binder already shows
good agreement with the Thoft-Christensen model.

The relationship between the crack width and the change in
reinforcing bar diameter is well established, as demonstrated
by Thoft-Christensen [11] and Andrade et al. [12], who
proposed that the crack width, werack, is a linear function of
the change in bar diameter, ADbar:

AWerger = YAdpar 1)

where the y factor is a function of the diameter of the
reinforcing bar and the depth of cover (i.e. the concrete
quality defined by Vu et al.) and can be quantified by
experimental or numerical means for any given system
geometry. It is proposed that an alternate relationship,

AWergex = TYAdpgr )

be considered where t is a function of the binder type. This t
will account for a change in the linear relationship caused by
the blending of cements and will be quantified by
experimental practice and finite element modelling.
Thoft-Christensen has derived, by finite element analysis, a
complete set of gamma factors for common cover depths and
reinforcement bar sizes (with four-point interpolation possible
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across the range if necessary). The relevant gamma factor for
the system considered in the experimental work (25mm cover,
16mm bar diameter) is 4.12.

In order for the model data to be compared over a
progessive time period, the loss of steel area must correspond
to the corrosion rate of the experimental work, 100 pA/cm?,
which in makes it possible to relate the loss of steel to a
discrete time period, according to the ASTM G1-90 [22]
formula:

(KxW)

. _ 2
‘o = 0.0166)(AxT x py) “A ™) @)

where K is a constant = 78,900 as defined by ASTM G1-90,
W is mass loss in grams, A is area in cm? T is the time of
exposure in hours, and p; is the density of steel. Thus, each
discrete change in Dy, can be related to both a time since
corrosion initiation and, through the Thoft-Christensen model,
a crack width. By rearranging the equation, it is possible to
find the time required to cause a given reduction in the cross
section of the bar.

Using this data, an ANSYS finite element model was
prepared, which tracked the width of the surface crack for
discrete displacements of the surface of the reinforcing bar
and comparing the finite element model results with the
experimental results, good agreement is found between the
crack width — change in bar diameter plot for r=1; y=4.12, as

shown in Figure 2:
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Figure 2 ANSYS model output for CEM Il concrete.

The next step is to find a value for zwhich correctly reflects
the change in crack propagation slope to the 50% GGBS/50%
cement. Using the ANSY'S model in an iterative procedure, it
is possible to quantify t, the value which describes the
difference in crack propagation due to binder type.

3.2  Application of Vu model

Using the data (t parameter) obtained in the finite element
analysis to account for the difference the addition of ggbs
makes to the propagation behaviour of the concrete allows us
to refine the Vu model to be thus:

ter = A((L/7) X (Clwic))® (4)

where tg, is the time since corrosion initiation in hours, C is
cover depth, wc is the water/binder ratio and t is the slag
correction factor. A and B are constants of the system, related
to the required crack width limit as described in Table 1:
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Table 1. A and B constants (from [9]).

Limit crack A B Coefficient
width of
correlation
Wiim = 0.3mm 65 0.45 0.89
Wiim = 0.5mm 225 0.29 0.60
Wiim = 1.0mm 700 0.23 0.45

3.3 Correction factor for rate of loading

As discussed in Section 2.1, if accelerated corrosion test data
is being used to predict the corrosion performance of a real-
world structure, the model must allow for a rate of loading
correction to override discrepancies which may arise due to
the rapid nature of the testing.

_ lcorr,exp
tcr(real) - kr X icorrreal tcr,exp (5)

where tq req IS the time to cracking in real RC structures, ter exp
is the time to cracking in the experimental program, k; is the
rate of loading correction factor, icorrex iS the corrosion rate in
the experiment and icorr rear IS the expected corrosion rate in
real world conditions (nominally ~ 1uA/cm?2)

AS igorrexp 1S less than 200mA/cm?, the empirical Vu and
Alonso equations for k, can be followed, giving:

lecorr,exp

+0.3 (6)

leorr,real

by = 05 [onp - ) _

2500icorr,real
3.4  Expected service life

Finally, the expected service life of the structure with the
given set of parameters can be obtained, with both time-
variant and invariant corrosion rates.

The time-invariant corrosion process assumes that the icor
value remains constant throughout the life of the structure —
this is an over-simplification and unrealistic, given that the
corrosion rate is dependent on environmental factors and the
availability of chlorides, moisture and oxygen — all of which
can vary as the crack propagates. The time to excessive
cracking, tsp, can be evaluated as:

tsp = tlst + k‘r X 0-0114icorr,real X A((l/’[)(c/ WC))B (7)

with tiq, the time of first cracking in the range of 30-50 years
[9].

The variant corrosion rate, i, can be modelled over a time
tas:

icorr(tp) = icorr(l) X Oétﬂp (8)
where t, is the time since corrosion initiation and is greater
than 1 year. For a time-invariant rate, ¢ = 1 and g = 0, but
regression modelling by Vu and Stewart [9] has found, for
time variant corrosion, for the system being studied that « =
0.85and f =-0.3.

Rearranging and applying to the time-invariant service life
gives the time-variant service life prediction:

D@

Tsp = [%X(tsp—l-l-m
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4  RESULTS & DISCUSSION

For the purpose of illustrating the difference in service life,
Tsp, between two different concretes, data from the
experimental study will be applied to the modified Thoft-
Christensen finite element model and subsequently, the
modified Vu service life prediction model. The two concretes
to be studied were prepared with (i) 100% CEM I cement and
(if) a blended cement of 50% CEM Il & 50% ggbs. The
experimental work to observe the crack propagation,
described in Downey et al. [6] showed that for similar
concrete specimens: f., = 42 MPa, w/b = 0.5, rebar diameter =
16mm, cover, C = 25 mm, ey = 100 pAlcm?, the 100%
CEM Il concrete specimen exhibits a slower crack
propagation rate than the 50 % ggbs concrete, as shown
previously in Figure 1.When an ANSYS finite element model
is prepared with these parameters, and the results matched to
those of the experimental work, it is possible to evaluate y in
the equation;

AWergek = TYAdpgr (10)

The output of the ANSYS model is shown in Figure 3 and
gives AWgraek = 4.5223 ADy,,. Hence, asy = 4.12, t=1.10.
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Figure 3 ANSYS model output for 50% CEM 11 /50% GGBS
concrete.

The r value and accelerated corrosion data is then applied to
the Vu et al. model and extrapolated to give an expected
service life comparison in years, for structures undergoing
time variant corrosion, between the two concretes, which will
be evaluated at 0.3, 0.5 and 1.0mm crack widths, as in Table
2.

Table 2 Tsp results, in years.

Concrete type Tsp Tsp Tsp
Wiim = Wiim = Wiim =
0.3mm 0.5mm 1.0mm

CEM II 28.58 32.81 46.22

50% CEM II,

50% GGBS 28.36 32.54 45.70

The difference in crack propagation rates of the accelerated
tests is reflected in the small additional service life predicted
by the model, and as expected given the slower crack
propagation of the CEM II concrete, a longer service life may
be expected in a structure containing only the CEM I
concrete. It must be noted, however, that the difference is so
small in the context of the whole lifespan of the structure as
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illustrated by Figure 44, as to be insignificant in reality,
especially considering the uncertainty which may be involved
in evaluating the parameters of the model.
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Figure 4 Crack width and Service life (Tsp).

When extrapolated over the life of the structure to determine
the time to reach the crack width limit in real-time, the
difference between the 100% CEM II concrete and the 50%
ggbs concrete is very small and highlights the sensitivity of
the model to correction factors when extrapolating short-
timescale data out over many years. An estimation by Vu et
al.[9] shows that the service life prediction may change by
20% depending on the concrete quality parameter, but 80%
depending on the rate of loading correction, which highlights
the need for improved accuracy in models which extrapolate
the accelerated corrosion data. A small sensitivity study
illustrates this point. Choosing one variable in the model, the
corrosion rate icr. Which may to be difficult to ascertain
accurately and whose value may vary widely depending on
the technique used to determine it [13,17], especially in the
early stages of corrosion and applying a range of likely values
for iy, from 0.1 pA/cm? to 5 uAlecm?, yields a far greater
difference (between 23 to 46 years) in service life prediction
at the 1.0mm crack width limit than the effect of significantly
changing the binder type parameter, t as shown in Figure 5:
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Figure 5 Sensitivity of Ty t0 icorr and z.
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5 CONCLUSION

The previous experimental work of the authors showed a
pronounced difference in crack propagation behaviour
between concrete prepared with CEM Il and concrete
prepared with a 50/50 blend of CEM Il and ggbs. This paper
presents an attempt to use this data by deploying the separate
approaches of the models of Thoft-Christensen and Vu et al,
both eminent publications on the subject, to evaluate the
difference in service life which the change in binder materials
effects. The difference in crack propagation behaviour gave
rise to a small but discernible difference in the expected
service life of structures containing the concretes, however the
difference is so small as to be negligible given the sensitivity
of the model to factors other than the concrete type and the
assumptions inherent in the model. That the model is many
times more sensitive to the measured corrosion rate than the
demonstrated crack propagation behaviour of materials used
illustrates the need for extensive real-world data collection
from the individual structure or network of structures being
considered, such data may be collected on a local scale as it
may be dependent on the local environment, climate and level
and nature of chlorides present, and may be time-variant. The
results of the model presented herein show that whilst a
general framework for a degradation model exists, meaningful
service life predictions can only be made when the input
parameters for the model are accurate for the structure. The
difficulty in applying accelerated data to the problem may be
overcome with the advent of real-world chloride ingress and
corrosion data collection from structures over longer time-
frames, however until this data becomes available questions
about the accuracy and usefulness of models will remain.
Future study by the authors will focus on identifying which
parameters the service life of the structure is most sensitive to,
identifying those which slow the crack propagation process
and seeking to optimise these parameters to extend the service
life, in doing so reducing the cost of maintaining an
infrastructure network.
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Finite element modelling of transverse load distribution in masonry arch bridges
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ABSTRACT: Various methods are used to assess masonry arch bridges including the popular Modified MEXE Method and
mechanism analysis. An issue of particular interest is how the loads are distributed transversely in the arch. The current load
model for masonry arch bridges calls for the utilisation of an effective strip when dealing with the transverse distribution of an
applied load [1]. In this paper transverse load patterns on masonry arch bridges are assessed using LUSAS finite element
analysis (FEA) software. An arch is modelled using thick shell elements to represent voussoirs, with consideration given to the
reduced stiffness of the mortar joints between each voussoir. The overall aim is to develop an enhanced load distribution model
to improve current mechanism methods for the design and assessment of masonry arch bridges.

KEY WORDS: Masonry arch; Transverse load distribution; LUSAS; Finite element analysis.

1 INTRODUCTION

Masonry arch bridges account for a large proportion of the
bridge stock in Ireland. On national roads, 36% of the bridge
stock comprises masonry arches. By international standards
for strategic transport routes, this is high [2].

Parapet Wall

Keystorne

Spandrel Wall

Figure 1. Typical Masonry Arch.

Currently, the most popular method of analysis used by
practising engineers is the modified MEXE method [3], which
has proven to be inaccurate in many instances [4]. Analysis
through computer modelling programs such as LimitState
Ring and Archie M is becoming increasingly popular. These
packages offer essentially two dimensional analyses, with
simplified load distribution in the transverse direction.

Although numerous studies have been undertaken to
analyse arch behaviour along the span, few explore how an
arch behaves transversely. In reality, loads are not applied
uniformly across the arch width and the distribution of loads
thus needs consideration. By simplifying the transverse
distribution of loads, it is difficult to determine the true
capacity of an arch bridge.

The aim of this paper is to study the structural behaviour of
a typical arch, in order to determine the extent of transverse
load distribution. Results obtained from an arch modelled in
LUSAS finite element analysis (FEA) software were analysed

in order to determine transverse load distributions under a set
of varying point loads.

2  CURRENT ANALYSIS METHODS

The British Design Manual for Roads and Bridges (BA16)
describes the assessment of masonry arch bridges using the
modified MEXE method [3]. It also recognises alternatives to
the MEXE method such as computer packages based on
Castigliano’s elastic method and the mechanism method. The
effective strip used in masonry arch analysis is set out in
BD21 of the British Design Manual for Roads and Bridges
[1].

2.1 Modified MEXE Method

The MEXE method was developed from research carried out
by Pippard in the 1930’s. The method was first set out by the
British military as a means to carry out rapid field assessments
of arch bridges subject to military loads. This method has
evolved into the modified MEXE method, which is a semi-
empirical analysis method that calculates the load capacity of
the bridge using empirical formulas, and then applies a series
of subjectively estimated modifying factors to the capacity
[5].

The arch is surveyed, and parameters such as span, rise at
centre, rise at quarter points, ring thickness and fill depth are
recorded. Parameters relating to the bridge profile, materials,
and condition are also required.

A provisional axle loading is determined from a nomogram
of span and crown thickness. This axle loading is then
modified by a series of modification factors. These include the
span/rise factor, profile factor, material factor, condition
factor, barrel factor, fill factor, width factor, mortar factor and
depth factor.

The Modified MEXE method has a number of
shortcomings. Pippard’s theoretical assumptions lead to an
overestimation of capacity in short span arch bridges [4].
Also, the modifying factors are determined based on a visual
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inspection of the bridge, leading to an increased risk of human
error when determining the appropriate modifying factors [5].

2.2 Transverse Load Distribution in BD21

BD 21 calls for the distribution width of a masonry arch
bridge to be calculated as shown in Figure 2 [3]. The width is
calculated based on the depth of the fill at the point where the
load is applied. This generates a uniform effective width strip
for the full span.

Single Wheel Load
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me
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I—iCcmhined Effective Width (Transverse Direction)4~1

Figure 2. Transverse distribution through fill.

The diagrams in Figure 3 show how this distribution rule
applies to a typical arch bridge.

Figure 3. Effective strip visualisations.

2.3 Limitstate Ring

Limitstate Ring (see Figure 4) is a rigid block analysis
computer package developed in conjunction with the
International Union of Railways [6]. The main program input
parameters are bridge geometry, unit weight of masonry and
fill, friction at joints, backfill angle of friction and cohesion
and loading details.
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The Limitstate Ring software idealises a masonry bridge as
a series of rigid blocks in order to carry out a limit analysis,
determining the amount of live load that can be applied before
structural collapse due to mechanism failure. It also permits
investigation of the mode of response when supports undergo
small movements [6].

Limitstate Ring software requires a user specified fixed
bridge width and does not account for the effects of spandrel
walls. There is an option for the user to input simple user
defined transverse distribution rules.

o i R

TEOGE > & 3

JRE w#

Figure 4. Screenshot from Limitstate Ring [6].

2.4  Archie-M

Archie-M is a computer package developed by Obvis Ltd that
uses a thrust zone analysis (see Figure 5). Its interface
encourages users to explore possibilities when analysing
arches rather than obtaining results from set load cases [7].
The inputs to the programme are similar to those in the
Limitstate Ring software.

Similar to Limitstate Ring, Archie-M allows the application
of prescribed rules set out in BD21 [3] when considering the
effect of transverse load distribution. The Archie-M user
manual goes so far as to state “the effective width model
specified by various authorities has been shown to be wrong.
It causes over estimation of the capacity of bridges under 5m
span with shallow fill” [8].

=

Figure 5. Archie-M Screenshot [7].

2.5  Finite Element Modelling

Finite element models of varying complexity have been used
to determine arch behaviour. One, two and three dimensional
FE analyses were carried out by Choo and Gong in
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conjunction with British Rail in 1990-1992 [9]. Tapered beam
elements were used in the models. Backfill was modelled
using a Mohr-Coulomb failure criterion, and the load was
applied using a Boussinesq distribution at a fixed dispersal
angle. The bridges analysed were then tested to collapse. The
results varied in accuracy, with the one and two dimensional
models yielding results 50% lower than the three dimensional
model. However, the 1-D and 2-D results compared
favourably with experimental results [10]. This suggests a
possible error in the distribution assumptions made in the 3-D
model.

Finite element analysis was carried out by Fanning et al.
[11] to investigate transverse loading effects. Three
dimensional non-linear models were created. The model split
the masonry arch bridge into three main components; the
masonry, the fill and the pavement. The masonry was
modelled using a homogeneous isotropic material with a
failure criterion similar to that of concrete. The fill was
modelled using a Drucker-Prager yield criterion, and between
the fill and the masonry one dimensional friction elements
were used. The use of a non-linear model allowed for the
failure mode to be more accurately determined.

3 LUSASFINITE ELEMENT MODELLING

In this study, LUSAS FEA software was used to model three
masonry arches. The arch geometries are outlined in Table 1.
Arch 1 is representative of a typical arch bridge and Arch 3 is
akin to a culvert or tunnel. Arch 2 is not a typical arch
geometry and was modelled solely for analytical purposes.
Arch 1 can be seen in Figure 6.

Table 1. Arch Geometries.

Arch 1 Arch 2 Arch3

Span 10m 10m 10m

Width 10m im 50m

Shape Segmental Segmental Segmental

Height Midpoint 2.5m 2.5m 2.5m
Height Quarterpoint 1.84m 1.84m 1.84m
Ring Thickness 0.5m 0.5m 0.5m
End Conditions Pinned Pinned Pinned

Figure 6. Arch with point loads.

3.1 Archl

The arch was divided into 31 voussoirs. Each voussoir was
modelled as a thick plate element. A quadrilateral shaped
mesh approximately 200mm x 200mm of quadratic
interpolation order was used (see Figure 7). The mortar joint
between each voussoir was modelled using a material of
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relatively reduced Young’s Modulus compared with that of
the voussoir; this was to account for the reduced stiffness at
the mortar joint. The Young’s Modulus values of stone used
for a typical arch barrel and the lime mortar typically used can
vary greatly [12]. For this paper, a Young’s Modulus ratio
between stone and mortar of 3 was used.

The arch was loaded at six separate locations with a 300mm
x 300mm square point load of magnitude 100kN (see Table 2
and Figure 6). This generated results for six loadcases. Results
were obtained for vertical and horizontal displacements, axial
stress and axial force.

z

Figure 7. Arch mesh.

Table 2. Point Load Locations.

Loadcase X (m) Z (m)
1 1.25 -5.0
2 2.5 -5.0
3 5.0 -5.0
4 2.5 -2.5
5 5.0 -2.5
6 2.5 -1.25

3.2 Arch2

Arch 2, which is 1m wide, is not a geometrically typical
masonry arch. It was modelled in order to determine
transversely undistributed load patterns for comparison with
Arch 1. Arch 2 also contains 31 voussoirs modelled with thick
plate elements with a quadrilateral mesh. This arch was
loaded at three separate locations (X = 1.25m, X = 2.5m and
X = 5.0m) with a line load across its full width of magnitude
100kN and thickness 300mm (See Figure 8).

Figure 8. Arch 2 with line loads.

3.3 Arch3

Arch 3 is a wide arch. It was modelled in order to approximate
the affected width of an arch bridge subject to a point load.
Again, it comprises 31 voussoirs modelled with thick plate
elements with a quadrilateral mesh. This arch was loaded
with a central point load of 100kN. Results for vertical
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displacement obtained from this model demonstrate the extent
of the transverse effect of a point load.

4  LUSAS RESULTS

4.1 Effective Width

The width of bridge affected by a point load at centre span
was determined for Arch 3. It can be seen in Figure 9 that the
effective  width by consideration of deflection is
approximately 15m.

0.2 Effective Width
.
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Figure 9. Vertical Displacement in 50m wide bridge.

4.2  Results for Arch 1

Results are presented in this paper for three of the six
loadcases analysed. For each loadcase, LUSAS contour
diagrams were used to visualise the results for displacements
and axial stress (see Figure 10 and Figure 11).
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Figure 11. Axial Stress contour diagram, loadcase 2.

Displacement results were obtained at 18 strips across the
bridge width (see Figure 12). The displacements were
expressed as a percentage of the displacement under the point
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load for each loadcase. The results form contour diagrams
(see Figure 14, Figure 17 and Figure 20).

Displacement Dy along line A
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Figure 12. Displacement across bridge width through load
location (Loadcase 2, Line A, Figure 10).

Axial stress results were also obtained at 18 strips across the
bridge width. The stresses along each strip form a curve (see
Figure 13). These stresses are expressed as a percentage of the
stresses along the same strip in the 1m wide arch. The results
are presented in the form of contour diagrams (see Figure , 18
and Figure ).

Axial Stress along line B
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Figure 13. Axial stress across bridge width through load
location (Loadcase 2, Line B, Figure 11).

The axial stresses can be summed along any strip to
determine the axial force within any segment of the arch along
the strip. From this, axial force envelopes showing the
percentage of force distributed across the arch are obtained
(see Figure , Figure 19 and Figure ). For example, in Figure
22, at mid span, 70% of the load is contained within a strip of
1.75m width, 80% is contained within a strip of 2.5m width
and over 90% is distributed across the full arch width. This
demonstrates the extent to which the load is distributed
transversely in the arch.
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Figure 20. Vertical displacement displayed as % of
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5 CONCLUSIONS

Research thus far has determined that using a uniform
effective bridge width along the length of the span is an overly
simplistic load model. The results obtained show that the load
effect fans outwards with increasing distance from the point
load. Results gathered for axial stress and displacement both
show similar results.

The results also show that where the load is located away
from the arch centreline, there is an unsymmetrical spread of
the load.

6 FUTURE WORK

The aim is to further develop the LUSAS models to
incorporate fill and spandrel walls. The model will also be
expanded to include a soil block at the arch abutments. The
effect of skew on transverse load distribution will also be
investigated by creating a series of LUSAS FEA models with
varying skews.
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ABSTRACT: Masonry arch bridges are estimated to account for more than 40% of the European bridge stock. Often more than
100 years old these bridges have performed well in service and are arguably the most durable and sustainable bridge type.
However the gradual deterioration of materials with time, coupled with the increase in loading from modern road and rail
vehicles, make re-assessment, maintenance and repair inevitable. Masonry arch bridges are complex three dimensional
structures, the strength of which are determined not only by the longitudinal and transverse capacities of the arch barrel itself,
but also the soil structure interaction, the presence of spandrel walls, the relieving effects of dead load, the stiffness of the
abutments and the distribution of the applied loads through the fill material. The assessment methods that are available make
various simplifying assumptions in order to provide useful tools for assessing the capacity of masonry arch bridges and as such
do not account for all of these factors, but the extent to which these simplifying assumptions effect the assessed capacity is
unquantified. To address this issue, a nonlinear three dimensional finite element model which considers constitutive material
models enabling progressive cracking and failure of the complete structural system were used to predict the ultimate load
capacity for a single span masonry arch. The model was validated against measured responses at service load levels under a
passing truck load. In order to quantify the degree of conservatism associated with more simplified assessment approaches the
predicted ultimate load capacity and the corresponding failure mechanisms from the three dimensional nonlinear model were
compared to the assessed capacities determined from five other assessment methods.

KEY WORDS: Masonry arch bridges; Finite element modelling; Ultimate capacity assessment.

1 INTRODUCTION

Masonry arch bridges constitute approximately 80% of
bridges in Ireland [1] and are a predominant structural form
on the road, rail and canal networks. There are a wide range of
assessment methods available to predict the ultimate capacity
of masonry arch bridges, although experimental data for the
validation and quantification of conservatism of these
methods is limited. A comparison of results from a selection

bridge was tested under service load levels and the measured
deflections were used to validate a three dimensional
nonlinear finite element model. This model was then used to
predict the ultimate capacity of the bridge under assessment
loading conditions for highway structures and to examine the
behaviour of the arch leading up to failure. The predicted
ultimate capacity was then compared with assessment ratings
determined using a range of more simplified methods.

of simplified two dimensional assessment methods with load 2
tests to collapse of real bridges is provided in BA 16 [2].

EXPERIMENTAL SERVICE LOAD TESTING

However these experiments were set up to replicate two
dimensional conditions resulting in uncertainty as to the
relationship with the actual capacity of the structure.

Griffith Bridge shown in Figure 1 is an over bridge for the
Grand Canal in Dublin currently carrying road traffic. The

bsetl

Figure 1. Griffith Bridge.

Griffith Bridge is a 7.84m wide, 9.46m single span bridge
with a span-to-rise ratio of 3.5 and an elliptical or three-
centred profile. The depth of fill at the crown is 0.126m. The
arch ring is 0.446m thick and is of ashlar limestone
construction with granite fascia stones. The mortar joints are
approximately 5mm wide. These dimensions are summarized
in Table 1.

Table 1. Griffith Bridge dimensions.

Dimension [m]
Span 9.460
Rise at centre 2.700
Rise at quarter span 2.284
Ring thickness 0.446
Depth of fill 0.126
Width 7.840

Full scale testing of the bridge was carried out under a slow
moving truck load. The gross vehicle weight when fully
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loaded was 31.6 tonnes. The truck consisted of a 1.7m spaced
double axle at the front and a 1.42m spaced double axle at the
rear, carrying 10.5 tonnes and 21.1 tonnes respectively, with
the front and rear bogies at a 5.56m spacing. Multiple passes
were made across the bridge at a slow speed. The bridge was
instrumented with linear variable differential transformers and
measurements were taken at the crown, abutments and
haunches both along the centreline of the bridge and at the
edges. Further details of the testing programme can be found
in [3].

3 FINITE ELEMENT MODEL

3.1  Material models and material properties

The bridge was modelled using ANSYS v13, a general
purpose finite element software package. The masonry units
and mortar were treated as a single continuous material with
reduced values assigned for stiffness and strength compared
with that of the stone itself. The fill and road surfacing were
also treated as a single material.

Solid65 eight noded isoparametric elements which allow for
nonlinear material behaviour in the form of cracking, crushing
and plastic deformation were used to model both the masonry
and the fill material.

For the masonry a concrete material model based on the
Willam and Warnke failure criteria to predict the failure of
brittle materials was used [4,5]. If the principal stresses
exceed the specified tensile capacity of the material at one of
the integration points in the element a plane of weakness, or a
smeared band of cracks, is introduced orthogonal to the
principal stresses; reducing the stresses in this region and
redistributing them locally. Following the formation of the
first crack, the material model is capable of forming a second
and third crack in orthogonal directions for each integration
point.

For the fill the material is treated as elastic-perfectly plastic
and a Drucker-Prager yield criterion is used [5,6]. This uses
an outer cone approximation to fit a smooth yield surface
around the Mohr-Coulomb surface as shown in Figure 2. The
parameters used for the Drucker-Prager material model are
cohesion, the angle of internal friction and the dilantancy
angle. Either an associative flow rule, with the dilantancy
angle equal to the angle of internal friction, or a
nonassociative flow rule, with the dilantancy angle less than
the angle of internal friction, can be used to control the
increase in volume due to yielding. For the model of Griffith
Bridge the associative flow rule was used.

Figure 2. Drucker-Prager and Mohr-Coulomb yield surfaces,
reproduced from [5].
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A frictional interface was applied at the contact area
between the masonry and fill, allowing the fill to slide along
the surface of the masonry. A frictional coefficient of 0.2 was
applied.

The masonry was assumed to have a Young’s modulus of
10GPa, Poisson’s ratio of 0.3 and a compressive strength of
10MPa. A limited tensile strength equal to 5% of the
compressive strength was also assigned to the masonry. The
fill was assumed to have a Young’s modulus of 500MPa,
Poisson’s ratio of 0.23, a cohesion value of 1000MPa and
both the angle of internal friction and the dilantancy angle
equal to 44 degrees. The material properties for both the
masonry and the fill are summarized in Tables 2 and 3.

Table 2. Masonry material properties.

Masonry

Young’s modulus [GPa] 10
Poisson’s ratio 0.3
Density [kg/m3] 2200
Compressive strength [MPa] 10
Tensile strength [MPa] 0.5

Table 3. Fill material properties.

Fill

Young’s modulus [MPa] 500
Poisson’s ratio 0.23
Density [kg/m3] 1700
Cohesion [MPa] 1000
Angle of internal friction [deg] 44
Angle of dilantancy [deg] 44

3.2 Finite element mesh and boundary conditions

The finite element mesh consisting of approximately 12000
elements is shown in Figure 3. As both the bridge geometry
and the loading were symmetrical about the centreline only
half of the bridge was modelled. Similar to the modelling
techniques described in [7] the fill was modelled 6m beyond
the extent of the spandrel walls in order to ensure that the
boundary conditions applied at the extremities of the fill did
not interfere with the response at the abutments. The fill and
the masonry were also extended 1m below the springing point
of the arch. A coarser mesh was used for the extended
sections of fill and a more refined mesh was used along the
line of the load path.

Figure 3. Finite element mesh.
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Compression only support was applied to the bottom faces
of the fill and the masonry. The base of the 1m section of
masonry below the arch barrel was restrained against
horizontal movement in the x-direction. Compression only
support was also applied to the vertical faces of the fill at
either end of the model. The front face of the fill in line with
spandrel wall and the section of masonry extended 1m below
the springing point were restrained in the z-direction against
outward movement. Rather than modelling the wing walls as
shown in Figure 1 as solid elements the edge of the spandrel
walls were restrained in the z-direction against outward
movement. A selection of the constrained faces of the model
are shown in Figure 4.

compression . uz=0 . compression; ux =0

Figure 4. Boundary conditions.

4  EXPERIMENTAL LOAD SIMULATIONS

4.1 Loading

A multi-step analysis was used to simulate the slow moving
31.6 tonne truck used in the on-site experimental testing
programme. In the first load step acceleration due to gravity
was applied to model. In the subsequent load steps static point
loads were applied to the surface nodes of the fill material,
moving across the bridge in 1m increments in a series of 23
load steps.

4.2 Results and validation of the model

The deflections for the three dimensional nonlinear finite
element model (line with marker points) are plotted against
the measured deflections from the experimental testing at the
crown and abutments in Figure 5(a-e). The results of the FE
model show very good correlation with the experimental data
and the peaks in deflection due to the passing of the front and
rear axles are clearly identifiable. The maximum deflection at
the crown centre, Figure 5(a), is within 0.01lmm of the
experimental results. Figures 5(c-e) show the model to be
slightly less stiff at the abutments while Figure 5(b) shows
that there is less deflection in the model at the crown edge
indicating that there may be some existing damage at the
spandrel arch interface which is not captured by the finite
element model under these load conditions.

5 PREDICTION OF ULTIMATE LOAD CAPACITY

5.1  Assessment loading

To allow for comparison with other methods of assessment as
is discussed in Section 6 the ultimate capacity predication was
carried out using the loading specified in the current guidance
for Ireland and the UK for the assessment of masonry arch
bridges [2,8]. These specify the use of axle loads rather than

Deflection (mm)
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Deflection (mm)

Distance of Front Axle From Crown (m)

(e) deflection at north abutment edge.
Figure 5 (a-e). Deflections for moving truck load.

vehicle configurations or a uniformly distributed load with a
knife edge load as is used for the assessment of other highway
structures. For a double axle bogie a load factor of 1.9 is
applied to each of the axles and a further impact factor of 1.8
is applied to one of the axles. No factor is applied to the dead
load as this has a relieving effect for arches.

A 1.8m spaced double bogie with the load factors specified
above was applied to the model for the ultimate load capacity
prediction. The load was applied at the most onerous location
with the centre of the bogie located 1.9m from the crown.

5.2  Solution

Although the solution controls for both the experimental
service load simulation and the ultimate capacity prediction
were similar, they are discussed in this section as they were
more critical to the solution at ultimate capacity failure.

An iterative Newton-Raphson solution using a sparse direct
equation solver was used [5]. The sparse direct solver was
chosen as it is more robust for nonlinear solutions. However it
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uses significantly more memory. The augmented Lagrange
algorithm [5] was used for the frictional contact surfaces. As
large loads were being transferred across small contact areas
the contact stiffness was updated at each iteration to minimise
convergence difficulties associated with contact penetration.

As before, an initial gravity step was applied. The double
axle load was then applied in 1 tonne increments for each
substep with a force convergence tolerance for the out of
balance loads equal to 1% of the applied live load increment.
This equated to a convergence criteria of 98.1 N for each
substep. Up to 50 equilibrium iterations were allowed for each
substep.

5.3  Load deflection response and cracking patterns

The load deflection response at the crown centre for the total
factored load for the full bridge width is plotted in Figure 6.
Graphical representations of the cracking at each of the
labelled loads on the load deflection plot are also shown.

At the end of the gravity step some very minor cracking has
occurred at the base of the spandrel arch interface. At 26
tonnes longitudinal cracking has developed underneath the
heavier axle load. The bridge still exhibits a linear response up
to 32 tonnes at which point it plateaus prior to the formation
of a transverse crack underneath the heavier axle load and
cracking at the spandrel arch interface at 36 tonnes. Vertical
cracking up through the parapet wall has also occurred. At 42
tonnes a second transverse crack or hinge has formed along
the haunch on the loaded side of the arch. At 100 tonnes
longitudinal cracks have formed in the haunch on the
unloaded side of the arch with some diagonal cracking
moving out from the bottom of the longitudinal cracks
towards the spandrel walls. Beyond 114 tonnes the model is
no longer in equilibrium and the solution diverges.

5.4  Ultimate capacity and failure mechanism
The last load step in equilibrium is at 114 tonnes. Therefore

100

114t

/ =215t AAL

80

100
/ -

60 +—

40 |-

20

total factored bogie load applied to bridge [tonnes]

Deflection (mm)

Figure 6. Load deflection response for 1.8m spacing double axle bogie.
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this is taken as the lower bound solution for the ultimate
capacity of the bridge. This equates to an allowable axle load
of 21.5 tonnes per axle for a 1.8m double axle bogie. The
crack pattern and deflected shape at 114 tonnes are shown in
Figure 7 and Figure 8 respectively. The cracking pattern
shows the formation of transverse cracking underneath the
load and close to the abutments on the loaded side of the arch.
Some diagonal cracking has also occurred close to the
abutment on the unloaded side of the arch, i.e. the start of
formation of a third hinge. The deflected shape is in line with
that associated with the formation of a four hinge mechanism.
However, the arch has also exhibited extensive longitudinal
cracking due to transverse bending of the arch barrel with
longitudinal cracking being exhibited prior to the formation of
any transverse cracks.

With the presence of extensive longitudinal cracking and
large deflections concentrated underneath the heavier axle
load and in the absence of the full formation of a three hinge
mechanism or significant movement of the spandrel walls at
the lower bound solution, the predicted failure mechanism for
the bridge is by punch through underneath the heavier axle
load.

Figure 8. Deflected shape at 114 tonnes, scaled x 150.

6 ULTIMATE CAPACITIES PREDICTED
OTHER ASSESSMENT METHODS

6.1  Assessment methods and results

Griffith Bridge was also assessed for a double axle bogie
using five different assessment methods. The other assessment
methods used were the modified MEXE method [2], a three
hinge limit analysis method [9] and the four hinge rigid block
limit analysis method [10], a 2D elastic analysis using beam
elements [11,12] and a 3D elastic analysis using shell
elements. These methods and the assessment results achieved
for Griffith Bridge are discussed in greater detail in [13]. A
summary of the results are presented in Figure 9 for
comparison with the ultimate capacity predicted by the three
dimension nonlinear finite element model.
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6.2 Discussion

The initial indication is that all of the other assessment
methods give conservative results in relation to the three
dimension nonlinear finite element model. However, a
number of important points should be made.

10 7.5

21.5
12
83 E
5 .
[

MEXE Three hinge  Rigid block
limit analysis limit analysis

25

1.8m double axle bogie
AAL per axle (tonnes)

2D elastic 3Delastic 3D nonlinear

Figure 9. Allowable axle loads for a 1.8m double axle.

For the three hinge limit analysis and the four hinge rigid
block limit analysis methods the load distribution model set
out in [8] was applied. This model distributes the load in the
transverse direction at a ratio of 1:2, horizontal to vertical, and
then increases the effective width beyond the distributed
width in an attempt to take account of the transverse structural
action of the bridge, as shown in Figure 10, based on work
carried out by Davy [14] and Chettoe and Henderson [15]. A
unit width load is then determined and applied to the two
dimensional model. For the 2D elastic method the transverse
load distribution is simply assumed to act over a 3m width.

Due to the shallow depth of fill for this particular bridge the
two dimensional methods only accounted for load dispersion
over widths in the range of 3.0m — 3.5m, i.e. that each 3.0m -
3.5m wide section of arch barrel can accommodate the
assessment loads given in Figure 9. Griffith Bridge is 7.840m
in width and therefore the two dimensional methods indicate
that the entire arch barrel could carry double the capacities
listed for the two dimensional methods and whilst still
conservative for this structure it is markedly less so. The two
dimensional methods do not account for the transverse
structural behaviour of the arch and the conservativeness of
the assessment results may be dictated by the carriageway
arrangements rather than actual structural response. Many
arch bridges have shallow depths of fill and the presence of
single or multiple lanes will make limited or no difference to
effective width, Figure 11, or the assessment ratings achieved
with the two dimensional methods. This will have
implications for the conservativeness of two dimensional
assessment methods applied to wider masonry arches with
multiple lane loading.

For all of the two dimensional assessments and for the 3D
elastic assessment the abutments were assumed to be fixed
against horizontal displacement. Horizontal movement can be
accounted for in the 2D and 3D elastic methods if required by
the inclusion of spring supports. For Griffith Bridge the
experimental results demonstrated a stiff abutment response
with the maximum deflections under the 31.6 tonne truck less
than 0.05mm. In addition to the assessment carried out using a
fill stiffness of 500MPa, assessments were carried out for fill
stiffness values of 15MPa and 100MPa to investigate the
effect on the ultimate capacity. The resulting allowable axle
loads are presented alongside the assessment capacities from
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the other methods in Figure 12. The fill stiffness dictates the
amount of spread at the abutments and the ultimate capacity
predicted by the three dimensional nonlinear model is highly
sensitive to this parameter.

Wheel Load 1 Wheel Load 2
palis IEREE]
I I l
| | :
T !
1 1
! !
| ||
le .5 + n 0
: N .Effective Width (1.5 + h) metres
I ~ Combinad Effective Width
I

(Transverse Direction)

Figure 10. Model for effective width, reproduced from [8].

Figure 11. Effect of multiple lanes on effective width.

This variation in assessed capacity with fill stiffness
demonstrates the importance of selecting an assessment
method which can adequately account for the abutment
response where the supports cannot be assumed to be stiff.
The MEXE method, the three hinge limit analysis method and
the four hinge rigid block limit analysis method cannot
account for movement at the abutments and therefore should
not be used where the abutments cannot be assumed to be
stiff.

The three dimensional nonlinear finite element analysis
indicates that the bridge experiences significant transverse
bending giving rise to extensive longitudinal cracking and that
the predicted failure mechanism is by punch through
underneath the heavier axle load. The MEXE method and the
limit analysis methods are based on the assumption of the
formation of hinges leading to a four hinge mechanism failure
and these methods cannot account for any other type of failure
mechanism.

21.5
12 12.8
9
10 75 8.3
5.2 5.6
o N ]
0

MEXE Three hinge  Rigid block 20 elastic 30 elastic  IDMNLEAII= 3D NLERN=
limit analysis.  limit analysis L5 MPa 100 MPa

1.8m double axle bogie
AAL per axle (tonnes)

30 NLER =
500 MPa

Figure 12. Allowable axle loads for a 1.8m double axle.

7  CONCLUSIONS

While simpler approaches are desirable for the assessment of
the majority of arch bridges, they do not capture important
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structural behaviour affecting the capacity of the bridge. The
experimental testing carried out on Griffith Bridge
demonstrated a linear response at the service load level and a
high level of stiffness at the abutments. These results were
used to validate the three dimensional nonlinear finite element
model which captures the interaction between the fill, arch
barrel and spandrel walls as well as the surrounding soil
medium; accounting for the transverse capacity of the arch
barrel, providing an accurate representation of axle load
distribution and capturing the abutment response. Beyond this
level of loading, the finite element model was used to predict
the behaviour of the arch bridge under high load levels, the
ultimate load capacity of the structure and the associated
failure mechanism. The model indicated the formation of
longitudinal cracking, transverse cracking, separation at the
spandrel arch interface and vertical cracking in the parapet
prior to failure by punch through of the arch barrel under the
heavier axle load. The assessment capacities for the other
assessment methods were shown to be conservative within the
limits set out for this particular structure, i.e. stiff abutments
and single lane loading. However, they are not able to account
for many of the important factors influencing the actual
behaviour of the arch and provide very little diagnostic
information for bridges exhibiting signs of damage.
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deterioration
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ABSTRACT: This paper proposes a method of predicting the future condition rating of RC bridges subjected to Chloride-
induced corrosion. This future state is predicted using a Markovian, integer-based approach, suitable for use with a bridge
management system. In the absence of sufficient quantities of inspection information, analytical deterioration models are
employed for the different phases. Since chloride-induced corrosion is itself non-linear and non-homogenous in time, the
derived state transition probabilities are age-dependant and so non-stationary Markov chains are used to represent structural
degradation and predict future bridge condition state distributions with greater accuracy. The analysis is carried out with
reported diffusion coefficients and surface chloride content values suitable for calibrating matrices from an Irish perspective.
Furthermore, the concrete cover and corrosion rate can also be varied to account for the variability in both environmental and
exposure conditions throughout the country. To represent network level condition prediction, the Irish structural stock of RC
bridges has been broken down into appropriate age-groups, and an example of the overall model network implementation given.
These derived distributions can then be used to help implement maintenance planning and allow for the estimation of future

budgets and the development of comprehensive bridge management policies.

KEYWORDS: Bridge Management Systems; Chloride-induced Corrosion; Markov Processes.

1 INTRODUCTION

As bridges age, and environmental concerns and sustainability
issues come more and more to the fore, bridge maintenance
and management has become a significant challenge. To deal
with this problem, Bridge Management Systems (BMS) have
been implemented effectively in many countries worldwide
(Ireland, US, Switzerland, Denmark etc). In 2008, the
IABMAS Bridge Management Committee decided to conduct
an investigation on the bridge management systems of the
world to be issued in conjunction with the 2010 IABMAS
conference. This report was based on the completed
questionnaires from 18 bridge management systems in 15
countries. The report found that the majority of these systems
have only come into place in the last 10 to 20 years [1], and
that of the 18 systems, deterioration is taken into account in
12 of them, although the level of complexity varies widely.
The German ‘Bauwerk Management System’ and the Finnish
Bridge Management System appear to be among the most
technically advanced, with sophisticated deterioration models
which allow for age-behaviour models in the Finnish case and
particular deterioration models for specific deterioration
mechanisms in the German case. Ireland, as yet does not
utilize such deterioration models and so consequently this
paper outlines the development of a Markovian-based model
suitable for predicting structural degradation due to chloride-
ion ingress on RC structures on the Irish road network.

Ideally, given sufficient quantities of inspection data, the
deterioration modules of Bridge Management Systems would
be calibrated directly from the raw data obtained from
inspections. In the meantime however future bridge condition

needs to be estimated using predictive models. Naturally, the
predictive powers of the system are only as good as the
underlying models describing the physical deterioration
processes themselves. RC structures deteriorate due to a
number of different mechanisms acting in tandem but for
application purposes, the deterioration model developed here
is based on that of chloride-induced corrosion.

The model is Markovian in nature, due to the fact that the
predefined states of condition assigned to structures upon
visual inspection lend themselves very well to the discrete
states needed for a Markov process. Furthermore, discrete
parameter Markov chains, which define distinct states of
condition and discrete transition time intervals, are commonly
used for modelling bridge deterioration because they eliminate
the computational complexity of continuous condition states
and simplify the decision-making process [2]. This choice of a
Markovian basis also ensures that the developed procedure
could be incorporated into a discrete-state Bridge
Management System.

2  CHLORIDE -INDUCED CORROSION

Chloride-induced corrosion of reinforcement is one of the
major worldwide deterioration mechanisms for steel
reinforced concrete structures. Hence, much research has been
undertaken in an attempt to develop appropriate deterioration
models to help management authorities make informed, cost-
effective decisions concerning the time to repair, rehabilitate
or replace debilitated structures. The mechanism itself is
generally accepted to be electrochemical in nature [3, 4]. The
alkaline environment of concrete results in the formation of a
passive film of iron oxides at the steel-concrete interface
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which protects the steel from corrosion. Chloride ions can
destroy this passive film and once the layer breaks down,
corrosion is initiated. Due to the presence of both moisture
and oxygen, a range of expansive, corrosive products (rust)
are then formed. These expansive products give rise to tensile
stresses on the concrete surrounding the reinforcing bar,
which leads to cracking and spalling of the cover layer [3-5].

A conceptual model for service life prediction of corroded
RC structures was first developed by Tuutti [6]. Consisting of
two phases, the first phase, T;, represents the time required for
the chloride ions to diffuse to the steel-concrete interface, and
the surface chloride concentration to exceed a limiting value,
thereby initiating corrosion. The second phase, the
propagation period, T, represents the time after corrosion
initiation, as crack generation occurs.

However, further research carried out by Weyers [7]
suggested that in fact, not all of the corrosion products
contribute immediately to the expansive pressure on the
concrete. Instead, some were considered to fill the voids and
pores around the reinforcing bar. This porous zone results in
dividing the propagation period into two distinct and separate
phases. The first, commonly referred to as Ty is the time to
the appearance of first crack - generally taken to be a hairline
crack of approximately 0.05mm [8-10], and represents the
period of free expansion until the rust products reach the
concrete and thus initiate cracking. This is depicted
diagrammatically in Figure 1. The second propagation phase,
Tsp is then referred to as the time to severe cracking.

Crack
Width

¥

r
]
R
v

Figure 1. Three-stage chloride-induced corrosion process.

2.1 Modelling of Corrosion Process

A rigorous literature review revealed the existence of many
models and methods available to estimate the duration of each
deterioration phase [10, 11]. However, the three analytical
models outlined below were deemed most appropriate for use,
given the end purpose of integrating the model into a bridge
condition prediction module. Monte Carlo simulation about a
defined mean and variance of the parameters involved was
used to construct a database of 2000 bridges over a 100-year
return period, suitable for simulating an overall network life-
cycle effect. Table 1 lists the statistical parameters of these
variables. The analysis was also carried out under the
Eurocode specifications for the tensile strength and the
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effective Young’s Modulus of C50 concrete [12].

Table 1. Statistical parameters of random variables used.

Parameter Units Mean COV Dist. Literature
Reference

Surface Kg/m® 457 02 LN  Louniset
Chloride al. [13]
Content, C,
Diffusion m°ls 934x 02 LN Leung
Coefficient, 10" and Lai
Dapp [14]
Critical Wit% of 0.139 0.375 N Val and
Chloride concrete Stewart
content [15]

* LN, lognormal distribution; N, normal distribution

2.1.1

The corrosion initiation phase T; is generally the longest of the
three phases. The duration of this phase is estimated, as is
common practice, using Fick’s 2" Law [16]. This is
represented as follows:

Time to Initiation

X

Dappt

C(xt)=C, +(C, —C;)| 1—erf )

Where C(x,t) = chloride content at depth of reinforcement x, at
time t, C; = surface chloride concentration, C; = initial
chloride concentration - taken as being 0 for new structures,
D.yp = apparent diffusion coefficient and t = time.

2.1.2

This is the time it takes from corrosion initiation to the time of
first crack. A model based on that proposed by EI Maaddawy
and Soudki [5] is used to represent this phase. The original El
Maaddawy model however has been modified to take account
of an earlier trigonometrical error upon which the El
Maaddawy model was derived. This model is as outlined in
Reale & O’Connor [17] and is represented in Equation 2.

Time to First Crack

200Eef @)
D (D +25,)L+v+y)

Tist = ;

T117.5(D + 250)L+v + W)}{Z(C +D)fy
1

corr Eef

The corrosion rate ico, was taken as 1uA as in Al Harthy and
Stewart [18]. The thickness of the porous zone, dy, is

generally taken to be between 10 and 20 pum [19]. However
Chernin and Val [20] claim that under the ElI Maaddawy
model, the time to crack initiation is underestimated with
porous zones in such a range. In their study they allowed for
two thicknesses of porous zone J, to be compared (10 and 20
pum respectively) and found that the latter, larger porous zone
gave better results. Ultimately they suggest that the thickness
of the porous zone (or more correctly, the amount of corrosion
products penetrating into concrete pores and microcracks)
may be larger than has been previously estimated. To this end,
a larger porous zone of 25 um was investigated in Reale &
O’Connor [17] and was found to bring computed values in
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line with observed values of previous tests, where they had
formerly been out of bounds. Note that this increase in the
porous zone is not justified by experimental analysis of the
mechanism in question, it merely serves to make the model
more suitable for prediction purposes. Further information on
this ‘modified’” method is outlined in Reale & O’Connor [17].

2.1.3  Time to Severe Cracking

The third and final deterioration phase, corresponding to T, in
Figure 1 is referred to as the time to severe cracking. The
model used was based on work by Mullard and Stewart [21]
and works on the principle that it estimates the time to a
specific crack width, up to a limiting value of 1.0 mm. This is
quite conducive for the purposes of developing a state-based
deterioration system for use in a BMS, since the state limits or
bounds can be defined in terms of crack width which can be
visually assessed. The equation is represented as:

Wi, 0.05 0.0114 @)

ICOI’I‘

Ty =T +K
* ot ® I(crcrack
where T, = the time to severe cracking, Ty = time to first
crack from Equation 2, kg = the rate of loading correction
factor, k. is a confinement factor which represents an increase
in crack propagation due to the lack of concrete confinement
around external reinforcing bars — taken to be 1.0 if the
reinforcing bar is in an internal location and wy, is the
limiting crack width, specific to each condition states. For the
purposes of defining state bounds for the system under
development, these limiting values are taken to be as
represented in Table 2.

Table 2. Markov condition states as applied to chloride-
induced corrosion in model.

www.bcri.ie

P = A transition probability matrix, the general form of which
is given as:
e P o Ry

le P22 e P2n (5)

Pnl Pn2 " Pnn
n
Where (i) For each i, izl:n,Z p; =1 (ii) All matrix entries
must be positive. =
The expected condition rating E[X(t)] at time t can then be
calculated by multiplying the probability distribution vector

P(t) by a condition rating vector Q (see Table 2) as shown in
Equation 6.

E[X(1)]=P(®)*Q" (6)

A discrete time model with fixed time units of one year has
been adopted, hence the probability of deteriorating by more
than one state (i.e. multiple damage states transitions) may be
assumed negligible. This again is common practice [22-24].
Since deterioration only is considered here, it is not necessary
to account for the effects of repair and rehabilitation and so Pj;

Condition State Degradation State

0 t<=T;, Initiation has yet to begin
1 Ti<t < Ty, Initiation has begun, before
time to first crack
w =0.2 mm
0.2mm <w = 0.5mm
0.5mm<w = 1mm
w>1lmm

g b wWw N

=0forj<i.
The transition matrix to be populated then with
experimental results is as depicted below:
P, 1-P, O 0 0 0
0 P, 1-P, O 0 0
0 0 P, 1-P, O 0
0 0 0 P, 1-B, O
0 0 0 0 P, 1-P, @
|0 0 0 0 0 1

Where Pj;, represents the probability of starting in state i and
transitioning to state j.

Markov chains can be defined as both stationary and non-
stationary. Stationary means the process is stable or
homogeneous in time, i.e. the probability of going from one
state to another is independent of the time at which the step is

3 MARKOV THEORY AS APPLIED TO BRIDGE
CONDITION DETERIORATION PREDICTION

The physical deterioration models outlined above are then
integrated into a discrete state-based Markovian deterioration
system in order to develop the model further into one which
can be implemented as part of a BMS.

A Markov process itself may be defined by the following
equation;

xpt
P(t) P, *P )
Where:

P(t) = Probability distribution of condition at time t
Po = Initial probability distribution of condition

performed. In mathematical terms, the initial state vector Pq
as shown in Equation 4 will remain the same for all t.

Non stationary chains change with respect to time which
implies the use of a different transition matrix before and after
t. In this case the wvector of probability distribution of
condition at time t will become the starting vector of condition
for the next chain, which will then proceed with a different
transition matrix. For n groups, there are n transition
probability matrices, P, and n initial probability distributions,
Po.

P(n,t,) =Py (n)*P(n)" (8)

As shown in Reale and O’Connor [25], a non-homogeneous
process is deemed best for estimating Markovian transition
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probabilities over a significant time period, as is the case here,
and so they shall be used to enable accurate prediction of
future structure condition state.

4 METHOD OF
PROBABILITIES

As illustrated in Equation 7, the only variables available to
characterise the future or expected state of the structure in
question given the stated assumptions, are those on the
diagonal of the transition probability matrix. Consequently
they need to be as accurate as possible, and so numerous
methods abound as to how best to estimate them. Kallen [26]
and Madanat and Wan lbrahim [2] provide a literature review
of some of the most common of these approaches, including
Maximum-Likelihood estimation, Poisson regression, non-
linear minimization, ordered probit models, survival models
and so forth. A Non-Linear programming approach however,
based on the expected value of condition, is by far the most
common technique found in the literature for estimating
matrices for bridge and pavement management systems [22,
24, 27]. This is represented in Equation 9.

OBTAINING TRANSITION

N

3 s)-EX O] ®)

t=1

Minimize:

where S(t) = facility condition at transition period t based on a
regression curve; E[X(t)] = expected value of facility
condition at transition period t based on Markov chains.
Having investigated this objective function however, it has
been found that this minimization technique vyields
insufficiently accurate results, as the condition scale of
expected value inherently skews the results. That is, an
expected value of 5 has much more weight than an expected
value of 1 or 0 for a particular bridge, hence the average
network expected rating becomes unrealistically influenced.
Instead, it is the expected distribution of condition states
which should be minimized. This is shown in Equation 10.

N n
22 AD-A )

t=1 n=0

(10)

where A(t) = the probability distribution of condition rating as
defined in the database, A’(t) = the probability distribution of
condition rating as computed by the Markov process.

Many algorithms to solve these objective functions have
also been investigated - Carnahan et al. [28] used a descent
method [29], Jiang et al. [22] utilised the gradient projection
method and Costello et al. [30] and Ortiz-Garcia et al. [31]
employed the use of another non-linear algorithm; the GRG2
code incorporated into the solver program in EXCEL in their
study. However the latter two both concluded that more robust
methods ought to be investigated in an effort to improve
existing systems. To this end, and since it requires fewer input
variables than either Genetic Algorithms or Neural Networks,
Reale and O’Connor [25] investigated the use of Cross-
Entropy, a robust, iterative algorithm as a means of obtaining
more appropriate transition probabilities.
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It was found that Cross-Entropy tended to avoid deviating
towards solutions on the bound constraints of the problem,
hence making it especially suitable for probability estimation.
This robustness in obtaining suitable probabilities is most
notable in the context of obtaining better solvers for transition
probability estimation in bridge management systems. Pontis
for instance, the US system, frequently obtains negative and
larger than unity transition probabilities [32], thereby
indicating that the ‘engine’ of transition probability
determination, i.e. either the solver or optimization objective
function in use is inappropriate.

5 MODEL IMPLEMENTATION

Since an age-dependant process was employed, i.e. chloride-
induced corrosion is dependant on time, the different matrices
in the non-homogeneous chain represented in Equation 8 are
dependent on time, or age when applied to a structure. Figure
2 depicts the expected life-cycle curves for four different
values of concrete cover over a 100-year period.

g
T
o
=
S
5 q
| =
o -
]
| ¥
1F | —
b 4 —— C=30mm
% —— C=50mm
L C=70mm
P C=100mm
0 it : : - :
0 20 40 60 80 100

Time in Years

Figure 2. Variation in Assigned Condition Rating with time
for different cover depths.

For the simulated 100 year lifecycle, 10 transition matrices
each representing structural deterioration in 10 year bands
were utilized. Therefore, each curve in Figure 2 is described
by 10 Transition Matrices, denoted T1 to T10. Since this
means that Transition Matrix 1 represents the expected
structural deterioration in the first 10 years of a structures
lifecycle, it should only be applied to structures within the
limit of these bounds, i.e. structures less than 10 years old.
Transition Matrix 2 then represents the expected deterioration
of structures aged between 10 and 20 years old. Tables 3 and
4 depict the first two of these matrices, T1 and T2
respectively. Note that 10 year bands were chosen to calibrate
the transition matrices as it was felt to be an acceptable
timeframe in which to expect the general pattern of network
level deterioration to change.
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Table 3. Transition Probability Matrix T1 for Structural State
Deterioration, ages 0-10.

www.bcri.ie

Table 5. Initial State vectors of Condition State Distribution
for various age-groups of Irish RC bridges.

Paoo P P2, Ps3 Pas Pss State
0.98 0.02 0 0 0 0 # BridgeAge 0 1 2 3 4 5
0 0.84 0.16 0 0 0 1 1800- 1 0 0 0 0 0
0 0 0.84 0.16 0 0 1849
0 0 0 0.89 0.11 0 2 1850-1899 0 0 0 0 0 0
0 0 0 0 0.95 0.05 3 1900-1909 0 0 0 0 0 0
0 0 0 0 0 1 4 1910-1919 0 0 0 1 0 0
Table 4. Transition Probability Matrix T2 for Structural State g igggiggg 8 O'f’s 8'33 0'83 8 8
Deterioration, ages 11-20. 7 1940-1949 0 067 0.33 0 0 0
P P P P P P 8 1959-1958 0 O 067 033 0 0
088 01 oo o o 9 19601969 0 0 067 033 0 O
0 028 072 0 0 0 10 1970-1979 028 053 029 0 0 0
0 0 034 066 O 0 11 1980-1989 007 057 031 005 0 0
0 0 0 069 031 0 12 1990-1999 028 053 017 0014 0 0
0 0 0 0 080 0.0 13 2000-2009 0.7 0.23  0.06 0.009 0.002 0
0 0 0 0 0 1

As expected, Py of T1 is extremely high at 0.98, which is as
expected, given that the mean-time to corrosion initiation
using the given data was 12.5 years, thereby suggesting an
extremely high probability of remaining in state 0 throughout
that initial 10 year period. Likewise, Table 4 gives the
probabilities of transitioning between the defined condition
states for structures aged from 11 to 20 years. It can be seen
that while P,;, the probability of staying in State 1 if it started
in State 1 was 0.84 in Table 3 for the first 10 years of the
structures life, it has now decreased to 0.28. Again, this is in
keeping with the expected results as the mean time to first
crack in the developed model was found to be in the region of
2 years. Hence after 14.5 years the structure could be
reasonably expected to be in condition state 2 and so P;, of
0.72 in Table 4 corresponds to this probable deterioration.

51

As outlined in Equation 4, the prediction of future bridge
condition state is a product of two vectors — an initial state
vector P, and a Transition Probability Matrix P. Since, as
stated above, these Transition Matrices have been calibrated
on an age-dependant process, and so are inherently age-
dependent, they need to be combined with initial state-vectors
which are also dependant on age. Upon investigation of the
EIRSPAN database, the Py, initial-state vectors were derived
directly to represent the proportion of RC bridges in each 10-
year bin. It was found that of the 1576 RC bridges in the
system, the age is known for 856 of these and that
consequently there are 13 such initial state vectors — one each
for every decade until 1900 and then two 50-year bins were
utilized to represent structures dating from 1850 to 1900 and
1800 to 1850 respectively. These vectors are listed in Table 5.

Application of Developed Process

The initial state vectors in Table 5 have been segregated and
grouped purely on age. They have not been sub-divided into
different environmental categories concerning exposure to
chlorides and concrete cover but this can easily be
incorporated into the described deterioration model to allow
for further accuracy and assessment.

These initial state vectors are then combined with the
respective age-dependant transition matrix in order to predict
future structural condition ratings as a consequence of
chloride-ion ingress. For instance, initial state vector 13
deteriorates initially according to T1 as depicted in Table 3.
Initial state vector 12 deteriorates initially according to T2 as
seen in Table 4. After the initial ten years then, the first
transition matrix T1 is no longer utilised in the process, unless
of course new structures have been added to the database.
Initial state vector 13 now deteriorates according to T2, the
age-dependant matrix which considers the probability of
chloride-induced corrosion in structures 11 to 20 years old.
Initial state vector 12 is now combined with T3,
corresponding to structures between 21 and 30 years old. Pqy
11 is combined with T4 and so forth. Note that since there are
only 100 years of transition matrices simulated, i.e. ten
matrices, the last transition matrix, corresponding to structures
aged 90 years to 100 years is considered to be an absorbing
matrix in that all structures more than 90 years old are
assumed to follow the deterioration pattern as defined in this
matrix.

Utilising the method outlined above, future state
distributions for each of the 13 initial age-groups will be
obtained. In order to obtain an estimate of predicted network
level performance then, the effect of each group is aggregated
and weighted according to the number of structures in that
particular age-group.

6 CONCLUSION

This paper proposed a method of predicting bridge
deterioration in time using non-homogeneous, age-dependant
Markovian transition probability matrices. The method was
designed with the idea of incorporating it into existing bridge
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management systems in an effort to improve them.
Consequently a robust, previously unused solver in this field —
Cross-Entropy, was employed in order to obtain appropriate
transition probabilities. Furthermore, the matrices were
calibrated based on well-known physical models of chloride-
induced corrosion as opposed to purely statistical
distributions. As a result, the obtained transition probabilities
are as accurate as is inherently possibly, given the limitations
in observed field data at the present time. It is envisaged that
through the reliable prediction of future structural condition,
the model could be used for maintenance planning by
allowing for the conjecture of future budgets and the
development of comprehensive rehabilitation policies.
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The design and construction of Glanmire bowstring arch bridge
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ABSTRACT: As part of the larnréd Eireann Glounthaune to Midleton Railway Scheme, Roughan & O’Donovan was
commissioned to provide design services to facilitate the closure of a level crossing at Woodhill, Co. Cork. A feasibility study
showed that the optimum solution was the construction of a road bridge to replace the level crossing. Various design options
were investigated for the bridge, the outcome being a 28m span bowstring arch structure spanning the railway and the N8
Glanmire Road. The site was bounded by steep escarpments and residences to the north and the River Lee to the south, while the
live road and railway provided further constraints to the design and construction of this scheme. The southern approach
embankment was constructed in the tidal river following an initial archaeological survey and with careful environmental
monitoring throughout. To minimise the amount of work to be carried out over the live road and railway, the structural
steelwork and in situ concrete deck were assembled on the partially completed river embankment and lifted into place during a
railway possession. The curved form of the steel arch and the approach embankments coupled with the high quality finish
contributed to providing a distinct though appropriate feature on the eastern gateway to Cork City.

KEY WORDS: Bowstring arch; Composite deck; Heavy lift; Level crossing closure; Marine environment; Railway overbridge.

1 INTRODUCTION to remove the level crossings, the planned reopening of the
railway provided sufficient impetus for expenditure on a
significant component of infrastructure at this very sensitive
location.

As part of the larnrod Eireann Glounthaune to Midleton
Railway Scheme, Roughan & O’Donovan was commissioned
to provide design services to facilitate the closure of railway
level crossing XC24lat Woodhill, Co. Cork. This paper
describes the stages of the design process, including
feasibility, options selection and detailed design. The
construction of the scheme is outlined and conclusions
regarding the success of the scheme are provided.

2  NEED FOR THE SCHEME

2.1 Level Crossing Closure

The Cork to Cobh railway line is parallel to the Lower
Glanmire Road and the River Lee on the immediate approach
to Cork train station. This section of line contained a group of
level crossings which have been historically troublesome for
larnréd Eireann, users and the local authority. A number of . .
them were removed over time leaving three level crossings Figure 1. Level crossing XC241.
XC238, XC241 and XC243 remaining. XC243 was user 22  Sijte Description

operated and was closed in 2008 as part of the Level - .
. - XC241 facilitated access from the N8 Glanmire Road to
Crossings Programme. The others were railway operated houses on the north side of the railway. The houses are

serving 27 properties and the listed Carraig House. The - .
crossing gates were located immediately adjacent to the N8 s!tuqtgd at the base of steep escarpments. The .h'"S'de has
significant tree cover and is designated a Special Area of

footpath and caused road traffic to back up when in use. There Conservation
were significant operational problems caused by the presence South of the crossing, the Lower Glanmire Road runs

of the crossings and a temporary speed restriction was . . - L .
imposed to reduce the risk at one. Concerns were expressed alongS|_de the River Le_e. This part of the river is tidal and is
approximately 140m wide.

by the Railway Safety Commission about the operation of the
crossings in the light of the proposed reopening of the railway 2.3 Feasibility Study
line between Glounthane and Midleton, which would double
the number of passenger trains through these crossings in both
directions. Although efforts had progressed over many years

Due to the requirement to retain access to the houses on the
north side of the railway, straight closure of the level crossing
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was not an acceptable solution. The feasibility study
investigated a number of alternative solutions:
e Road access down the escarpment from the north in
three different configurations;
e The provision of remote control of the crossing via
CCTV;
e The construction of a vehicle and pedestrian bridge
over the railway.

Gradients and space restrictions prevented the advancement
of the road access options from the north. The CCTV scheme
would have required extensive realignment of the N8 over a
length of approximately 400 m to facilitate two cars queuing
to access the N8 after using the level crossing. This would
have involved reclamation of up to 15m width from the river
Lee over the 400m length. As well as the initial capital cost of
installation, CCTV control requires ongoing operational
expenditure.

For the bridge solution, the limited space available between
the road and railway necessitated the construction of the
southern approach in the River Lee. Therefore, the bridge
spans the N8 and railway. The feasibility stage scheme
included a retained roadway running east and west to facilitate
access to all properties.

Having reviewed the solutions, it was determined that the
bridge over the road and railway was necessary.

2.4  Design Options

The scheme layout is shown in Figure 2. The design of the
bridge and its approaches required careful consideration due
to the setting, as follows:

e The site is located in a Special Area of Conservation
with cultural, heritage, landscape and environmental
interests to be protected,;

e The location of the bridge is on a principal access
route to Cork city;

e The bridge would be highly visible to marine vessels
arriving in Cork;

e The topography, setting, and physical constraints on
the scheme provided a natural opportunity to offer a
landmark and gateway structure for Cork.

Three structural options of high architectural merit were
proposed as shown in Figure 3. The first option entailed the
construction of a single span steel bowstring arch. The bridge
would be accessed to the south by a solid approach
embankment outside the existing quay walls.

Figure 2. Scheme layout.
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The second option involved the construction of a two span
curved prestressed concrete beam structure with single
inclined pier in the river. This option was considered to be
over intrusive given the depth of construction required for the
deck. The costs associated with temporary works during
construction worked against this option also.

Figure 3. Alternative bridge options.

The third option involved the construction of a cable-stayed
bridge with twin pylons carrying both the main span and the
approach ramp. While a visual impact assessment showed this
option to be less intrusive than the arch, the arch emerged as
the preferred choice on evaluation of all assessment criteria.

3 PLANNING

Planning for this scheme was secured as part of the
Glounthaune to Midleton Railway Order process. An
Environmental Impact Statement was prepared with
supporting studies. Critical issues included the visual impact
of the scheme, heritage, the construction impacts on residents,
the public and the railway, pollution control and the presence
of contaminated materials, the impact of the structure on avian
flight paths and the impact of the works on the hydraulic
regime of the river. The decision in favour of the scheme
excluded permission for a roadway west from the bridge to
facilitate the closure of XC238 where CCTV control was
ultimately installed.

4  PRELIMINARY AND DETAILED DESIGN

4.1  Design Standards

The scheme was designed in accordance with the National
Roads Authority Design Manual for Roads and Bridges (NRA
DMRB) [1]. As the bridge is carrying a limited amount of
local traffic and the approaches include tight bends, the bridge
was designed to carry HA and 37.5 units of HB loading, as
well as the other permanent and transient loads, in accordance
with BD 37/01 [2].

The structural steelwork and reinforced concrete were
designed to the relevant parts of BS 5400 [3]. However, the
design of steel members subject to the combined effects of
torsion and bending is not specifically covered in BS 5400
Part 3. Therefore, the steelwork was designed for these
combined effects using the recommendations of SCI
Publication 057 [4].
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4.2  Aesthetics

The profile of the steel arch, Figure 4, was designed to make a
contemporary statement while referring to historical structural
forms, materials and finishes in keeping with the setting.

The southern approach embankment was kept as short as
possible to minimise the intrusion on the landscape. Also, it
was located to the east of the bridge crossing to limit the
impact on the views from the nearby Myrtle Hill Terrace.

To match and respect the existing infrastructure, the bridge
abutments and walls on the approaches were designed to be
clad in coursed random rubble masonry. This also limited the
apparent scale of the southern approach. Figure 14 illustrates
the extensive masonry on the scheme.

The aesthetic configuration of the arch was heavily
influenced by technical elements of the design. The decision
to bench the arch supports into the abutments was driven by
the presence of visually solid containment to the railway and
the need to manage movement joints at bridge ends discretely
and effectively. The arch geometry combining straights and a
radius assisted with steelwork detailing while providing an
elegant form. This was supplemented by the tapered
trapezoidal configuration of the arch cross section detailed to
interface seamlessly with the deck edge beam. The
configuration facilitated the use of steel plate without bending
or distortion in fabrication. Another significant driver of the
aesthetic configuration was the constraint on visual impact.
This dictated the lowest practicable deck level. While the
arched configuration itself facilitated this, the transverse
design of the deck was configured to enhance the effect. The
transverse steel members were made composite with the deck
slab and the sequence of construction was configured so as to
take best advantage in design. In addition, the transverse deck
components were depressed relative to the edge beams to the
degree that they manifest a pronounced saddle configuration
visually evident in passing under the bridge.

Figure 4. Bridge elevation.

4.3 Southern Approach Embankment

Ground investigations showed the overburden layers in the
river bed to be soft silts of thickness 1 — 4 m above dense
alluvial gravels of up to 8 m thickness. It was decided to
excavate the silt and replace it with Class 6 granular fill up to
high water level. This would provide the foundation for the
southern approach embankment. The extent of the excavate
and replace was to be defined by a line of concrete piles bored
to bedrock. The piles were included provide enhanced
stability to the embankment and to reduce embankment
settlement due to lateral movement at the toe. The Contractor
proposed an alternative design for the embankment during
construction which was accepted and is described in Section

www.bcri.ie

5.4 below. Granular fill below water level is protected by rock
armour. An embankment section is shown in Figure 5.

L

I

—

Figure 5. Cross section through south embankment.

Above water level, the embankment comprises the Terratrel
reinforced earth system clad in masonry. The approach
parapets are supported on precast edge beams which are
stitched onto in situ reinforced concrete restraining slabs.

A hydraulic study was carried out by the Hydraulics and
Maritime Research Centre, University College, Cork. It
modelled the impact of the proposed river embankment works
on the flow conditions. A pre-existing model of the river was
calibrated using flow and level measurements made by Irish
Hydrographics Ltd. for this scheme. River flows were
modelled to represent the river condition before and after the
works. The effect of varying the embankment profiles was
examined so as to determine the configuration which impacts
least on the river hydraulics while remaining cost effective
and buildable.

The scheme required works either side of the existing quay
walls. The geotechnical investigation was configured so as to
confirm the construction and formation of the existing quay
wall. Initial visual inspections of the walls showed a mix of
quality and type of masonry construction. Portions of the wall
comprise cut stone in sandstone and limestone. Other portions
comprise very poor quality open jointed masonry construction
in limestone and sandstone.

Slit trenches and boreholes were carried out at locations
along the wall, and these indicated gravels and silts in the
vicinity of the wall.

Remedial treatments had been carried out to the wall at
intervals over its lifetime. Visual inspection confirmed the
presence of sheet pile rock filled protection and a concrete
plinth at bed level at various locations along the wall.

4.4 Foundations and Substructure

The proximity of the bridge abutments to the road and railway
required that they be designed to resist impact loads. The
loads were determined in accordance with the NRA DMRB
for road vehicles and UIC 777-2 [5] for rail traffic. The
geometry of the large abutments ensured that they have a
large mass and high section capacities to resist the impact
loads.

The location of the bridge on the side of a river valley led to
considerable differences in rock head level at each abutment.
The north abutment base is founded directly on siltstone and
sandstone bedrock and mass concrete.
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However, the silts and gravels in the river bed were not
appropriate for supporting the south abutment. As such, nine
bored cast-in-place piles were required, each with a 5m rock
socket. The slightly weathered mudstone rockhead in this area
was found at 6 to 8 m below datum.

The bridge abutments were predominantly in situ concrete
while small sections with complex geometry were precast, see
Figure 6. The space limitations and difficulty of access
precluded the inclusion of abutment galleries. Inspection of
the bearings and joints is possible from the front of the
abutments and a removable mesh screen was provided to
protect the bearing shelf from nesting birds.

Figure 6. Cross section through south abutment.

45  Bridge Superstructure

The bridge deck is supported by twin 28m span arches, 5.5m
high with vertical Macalloy tension bars at approximately
2.5m centres. The deck comprises UB transverse beams made
composite with an in situ deck slab, as shown in Figure 7.

The profile of the trapezoidal top chord was carefully
designed and modelled in 3D to facilitate fabrication. The
slopes of the side faces of the chords were optimised to
provide structurally efficient sections while minimising the
potential of glare for train drivers below.

Figure 7. Deck cross section.

The superstructure is supported on six bearings, two
mechanical bearings below the middle of the end diaphragms
and four elastomeric bearings below the ends of the arches.

A series of analysis models was developed for the
superstructure. A linear-elastic global 3D frame model, with
the composite deck represented by a grillage, provided the
design load effects for the structural members. A similar
model was developed for the Category 2 check, using beam
and shell elements to represent the deck. An eigenvalue
analysis was performed on the 3D frame model to establish
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the effective length of the arch. A geometric non-linear
analysis model, based on the 3D frame model but with
geometric imperfections included, was used to check the
outcome of the buckling analysis. Finally, finite element
analysis models were developed of the steelwork above the
corner bearings, and the connections between the tie rods and
the top and bottom chords (Figure 8). Where necessary,
material non-linear analysis was performed to confirm the
capacity of the steelwork at ULS. Figure 9 shows a selection
of images which illustrate the complexity of steelwork.

PLN STS/PLT STRS
SIG-EFF TOP
3.20000e+002
2.50000e+002
1.90000e+002
1.30000e+002
6.00000e+001
0.00000e+000

Figure 9. Arch steelwork details, .

5 CONSTRUCTION

51 Construction Contract

The construction contract was tendered under the framework
for the larnréd Eireann Level Crossings Project. The contract
was awarded to BAM Civil Ltd. and works commenced on
site in August 2008.
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The FIDIC Conditions of Contract for Construction [6]
were utilised for the scheme and the contract documents were
based on the National Roads Authority Manual of Contract
Documents for Road Works [7].

5.2 Preliminary Works

An important aspect to the construction phase was minimising
the impact of the works on local residents, road rail and river
users. A temporary traffic management plan was implemented
to manage the N8 and facilitate the use of the level crossing
by local residents until such a time as the bridge could be
opened to public traffic.

Following an initial desktop study, an underwater
archaeological survey recorded that nothing of particular note
existed in the area of the river bed affected by the works.
Environmental monitoring of the river water quality was
carried out prior to any river works and regularly until after
the completion of works in the river.

5.3  Southern Approach Embankment

BAM proposed an alternative design for the foundations of
the southern embankment. The extent of the excavate and
replace was increased, thus facilitating the removal of the line
of bored piles from the design. Two layers of Stabilenka soil
reinforcement were placed below the reinforced earth
embankment to improve the foundation stability. Figure 10
shows the construction of the south approach embankment in
progress.

Figure 10. Construction of the south approach embankment.

Contamination testing recorded the existence of chlorides,
sulphates, selenium and hydrocarbons in the river bed silt.
Although it was envisaged in the Contract that the contractor
would dispose of the contaminated material at licensed
facilities, the contractor secured a permit to dump the material
at sea.

Excavations were carried out from a floating barge tied off
to the quay wall. Mackintosh probing was employed to ensure
that excavations had reached the alluvial gravels prior to
installation of the granular fill material. The probe results
were cross-referenced to telemetry in the excavator, which
experienced greater resistance once the gravels were reached.

Figure 11. Construction of the southern rock armour, masonry
and abutment.

www.bcri.ie

During the final stages of the silt replacement activity, a
section of the quay wall fell into the river. A temporary road
closure was enacted while remedial works were put in place
and this section of the works was temporarily suspended while
the stability of the works was confirmed. The design of the
works was subsequently adapted to incorporate the remedial
measures.

54  Piling

Piling operations were carried out by a specialist
subcontractor. The satisfactory completion of static load test
confirmed the design assumptions and enabled permanent
piling works to commence. The partially completed southern
embankment was used as the piling platform and permanent
casings were used on the piles.

Telemetry from the rock boring rig confirmed the level of
competent limestone and determined the start of each rock
socket. These levels were compared to the results of the rotary
cores from the ground investigation. Following the cleaning of
the pile bore, concrete was installed using a tremmie pipe and
the reinforcing cage was plunged into the wet concrete.

/ 4=
Figure 12. Preparations for the bridge deck lift.

5.5  Steelwork

BAM appointed Thompson of Carlow to carry out the
fabrication of the bridge steelwork. The design, construction
and fabrication teams worked closely to agree on the optimum
fabrication methodology. A rigorous quality assurance
procedure was employed during fabrication, with frequent
monitoring carried out by independent inspectors on behalf of
larnrod Eireann.

The completed steelwork was transported to Keep Ltd. in
Antrim for application of the corrosion protection. The paint
specification required the application of aluminium metal
spray prior to the epoxy base and intermediate coats.
Aluminium metal spray provides a long-term corrosion
protection to the steel structure due to the formation of
insoluble salts produced on the surface of the metal.

The application of the thermal metal spray requires a high
level of steel cleanliness and surface profile, achieved through
dry shot blast cleaning. Atmospheric conditions were
carefully controlled to maintain the steel finish between the
time of blasting cleaning and spraying, and to ensure that the
temperature of the steel was within the defined limits.

While it was envisaged that final assembly of the steelwork
could be carried out elsewhere along the river before floating
the structure to the site, BAM constructed a working platform
on the south embankment above the tidal zone. This enabled
delivery of the steel components directly to site. Enclosures
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were set up to achieve the atmospheric conditions necessary
for site welding and painting. As per the shop works, the site
works were independently monitored to ensure that the high
quality of finish was maintained.

The MacAlloy rods were installed and tensioned by a
specialist. The anticipated tensile forces at various
construction stages were defined on the design drawings and
were used by the specialist to inform the tensioning process.

5.6  Composite Deck

To facilitate the composite action in the deck from first
application of load, it was necessary that the temporary
formwork for the deck slab be supported independently of the
steelwork. Once the concrete had gained sufficient strength,
the formwork was lowered in a controlled staged fashion to
limit the shear stresses induced on the slab.

Figure 13. Superstructure installation.

5.7  Superstructure Installation

The contract required the installation of the structure in a
single lift with the deck slab and parapets in place. While this
necessitated a large crane to lift the 324 tonnes, it minimised
the subsequent works required over the live road and railway.
The inclusion of the parapets provided a safer working area on
the bridge deck once it was lifted into place.

Bespoke lifting straps, as well as their connections to the
end diaphragm beams, were included in the design. A 600
tonne mobile crane lifted the superstructure into place in April
2009. The crane requires 14 hours to mobilise with the
assistance of a slave crane and it was necessary to take
possession of the Lower Glanmire Road and the railway for a
long weekend.

Figure 14. Completed bridge, masonry cladding and existing
footbridge.

Temporary supports were installed on each abutment to
restrain lateral movement of the bridge until the grout below
the mechanical bearings had gained strength. Figure 13 shows
the bridge lift in progress.
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5.8 Finishes

The bespoke parapets along the south approach and over the
bridge provide N2 vehicular containment. This was
considered acceptable over and alongside the railway due to
the low speed environment of the access road. The bridge
parapets were faced with perforated plate and extend to 1.8 m
above footpath level. All steel parapets were galvanised and
painted.

Figure 15. Aerial photograph of the completed scheme.

Architectural lighting was installed below the bridge. Lights
were positioned to provide illumination to the underside of the
steel arches. Accommodation works included the provision of
new boundary walls to residences on the north side as well as
automated gates and improved car parking. Navigation lights
were installed at both ends of the southern embankment.

The masonry cladding throughout the scheme was specified
to include red and grey limestone indigenous to Cork. The
pattern was carefully stipulated and a number of trial panels
were constructed to ensure that the final product was as
envisaged in the design.

6 CONCLUSION

The successful completion of the larnréd Eireann Glanmire
Road Railway Bridge marks the start of a new relationship
between residents who have traditionally used the level
crossings on Lower Glanmire Road and the railway. It
provides a new landmark for those living and arriving in Cork
and marks the completion of the Glounthaune to Midleton
Railway Scheme. The scheme was fraught with significant
challenges from the outset and the project team is grateful for
contributions of all parties to the scheme.
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ABSTRACT: A novel system for constructing an arch from a flat bed of voussoirs connected together by a polymeric membrane
has been developed by Queen’s University Belfast. This FlexiArch patented system avoids modern durability issues of rebar
corrosion as it requires no internal reinforcement. This research involved the design, construction and testing of a third-scale 15°
skew FlexiArch system which forms an S-shape in the flat form and has torsional forces which do not occur in the equivalent
square arch. A square spanning bridge spans a crossing at right angles. However, it is common for a bridge to span at an oblique
angle. Square span arches may still be used but the more structurally efficient, sustainable and lower carbon choice is a skew
arch. The skew FlexiArch was loaded to failure at the third span point, and the results were compared to the equivalent
maximum European special vehicle (SV) axle load. The results obtained from the testing were compared with an analytical
model and a non-linear finite element analysis model to validate the analysis and to enable a parametric study on a wider variety
of variables without the need for further physical testing.

KEY WORDS: Arch; Concrete; FlexiArch; Non-linear finite element analysis; Polymer reinforcement; Pre-cast; Skew.

1 INTRODUCTION polyethylene sheath. There are both longitudinal and

Masonry arch bridges are structurally efficient, aesthetically ~ transverse polymer elements. When the flat arch is lifted at
pleasing and highly durable structures which have been in use three lifting points, the tapered cross-section of the voussoirs

for over 2000 years. Arch bridges were originally built of ~enables the arch to form with the desired dimensions. A
stone or brick but are now generally built of reinforced spandrel wall is positioned at the elevation of the bridge,

concrete or steel. The introduction of these materials allowed ~ Which acts as permanent formwork for the granular backfill.
longer span and lower height arch bridges to be installed
faster as they are manufactured as pre-cast concrete or
assembled on site in steel. However, a common problem with
such bridges is corrosion of steel and particularly
reinforcement. The UK Highway Agency [1] states that

top screed polymeric reinforcement

precast concrete VOUSSOITS

consideration shall be given to all means of reducing or Figure 1. Fabrication of the Flexible Arch.
eliminating the use of corrodible reinforcement and includes . . . .
the use of plain concrete structural elements. It also A square spanning bridge spans a crossing at right angles.

recommends the use of the arch form of construction where ~ However, it is common for a bridge to span at an oblique
ground conditions permit. However, a major constraint in the ~ angle. Square span arches may still be used but the more
construction of masonry arch bridges at present is the time  €fficient and sustainable choice is a skew arch, as shown in
and labour costs associated with the temporary formwork, or ~ Flgure 2. The square arch requires a width x, with the
centering, and the masonry arch formation. equivalent skew qrgh bridge having a lesser width y, and is
Hence, an arch bridge system with low or zero amounts of ~ therefore more efficient and uses less space.
corrodible reinforcement which does not require centering has
been developed under a Knowledge Transfer Partnership . .
(KTP) through Queen’s University Belfast. This flexible arch {TOSSIMg TOSSIng
system can be fabricated off site and transported to site flat _
and lifted into position [2]. This form of construction makes
the flexible arch cost competitive with other forms of bridges
while offering superior durability and lower long term v
maintenance. The procedure for the construction of the ﬁ) v
flexible arch is simple. The individual voussoirs are cast in
concrete, cured and placed adjacently on a construction bed. A
polymeric reinforcement is placed on top of the voussoirs and (a) Square arch (b) Equivalent skew arch

is connected via a top screed (Figure 1). The polymeric
reinforcement consists of a polyester filament core with a

road road

Figure 2. Advantage of a skew arch.
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Theories of skew arch behaviour have been presented in the
past [3 to 6]. However, there is little experimental research to
validate these theories. Therefore, a major objective of this
research was to analyse the behaviour of the skew FlexiArch
system. A third scale 5m x 2m (span x rise) FlexiArch system
with a 15° skew angle was tested with the materials scaled
accordingly. The arch details are presented in Table 1. The
arch was loaded at the third span as this was shown in the
numerical modelling to have the most adverse affect on the
arch system, and corroborated the findings of Heyman [7].

Table 1. Arch details.

Full Scale Third Scale
324 108
Voussoir dimensions oo o
(mm) o e
300 100
Clear span (m) 5.00 1.67
Intrados rise (m) 2.00 0.67
Depth of arch ring (m) 0.24 0.08
Width of arch ring (m) 1.00 0.33
Number of longitudinal 12 4
polymer elements
Longitudinal polymer
element strength (kKN) 6.0 6.0
Transverse polymer
element strength (kN) 34 34
Arch ring compressive
(N/mm?) 40 40
. Third scale of
Backfill type Type 3 GSB Type 3 GSB

The results obtained from the experimental programme are
compared against an analytical model used to predict the
forces in the polymeric membrane, and a finite element
analysis model of the FlexiArch system being loaded at the
third span. Providing that the models can be proven to
accurately represent the behaviour of the skew arch, they can
then be used to conduct a parametric study on a wider variety
of variables, eliminating the need for further physical testing.

The corresponding and considered values for the
serviceability limit state (SLS) in this paper are a SV axle load
of 150kN [8], which would typically be applied over a 3m
notional lane. A 1m wide arch ring would therefore take a
load of 50kN (150kN / 3). As this experiment is a third scale
model of a three dimensional arch ring, a load of 5.6kN (50kN
/ 9) is used to relate the results from this experiment to
practical full scale structures.

2  EXPERIMENTAL PROGRAMME

The desired angle of skew is created by varying the step
distance between the voussoirs when they are in the flat form.
The step distance has to vary to enable a consistent angle of
skew across the span of the arch as the voussoirs at the crown
of the arch have a larger horizontal projection than those at the
abutments, due to the decreasing vertical angle of the
voussoirs from the springing to the crown. This results in a
higher step distance between the voussoirs at the crown,
forming an S-shape when flat (Figure 3).
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Figure 3. Voussoir alignment and polymer for casting screed.

The skew FlexiArch was lifted at three lifting positions as
shown in Figure 4. Electrical resistance strain gauges were
used to measure the strains in both the longitudinal and
transverse polymer elements at the two outer lifting points.
Previous testing of the FlexiArch [9] focused on the strains in
the longitudinal polymer elements but these tests were on
systems with no skew. The introduction of the skew could
cause strains in the transverse polymer elements due to
torsional effects caused by the line of action of the forces due
to self weight. The arch was lifted and lowered three times,
with the strains in the polymeric reinforcement recorded at
every 60mm increase in the lifting height at the crown.

Figure 4. Lifting the skew FlexiArch.

The arch was lifted into position under an accurately
calibrated 600kN capacity hydraulic actuator. Backfill was
applied with formwork providing horizontal support and
simulating spandrel walls in the full scale system. The use of a
transparent thermoplastic sheet enabled visual observation of
the behaviour of the arch during backfilling and loading.
Polystyrene wedges were used to fill the stepped gaps
between the voussoirs and the spandrel (Figure 5). The
polystyrene contained the backfill but did not contribute to the
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strength of the system. The well graded and appropriately
scaled granular backfill was based on the ‘Type 3 GSB’ fill
and was compacted in 200mm layers using a vibro compactor.

Figure 5. Backfilling the ske arch.

A rigid steel loading plate 150mmx330mm was placed at
the loading point in order to distribute the load over the full
width of the arch ring and to simulate a 150kN SV axle load.
Two test loads were applied prior to the arch being loaded to
failure. Displacement transducers and vibrating wire strain
gauges measured the displacement and the strains on the arch
ring intrados at critical locations and at each increment of
load.

3  EXPERIMENTAL RESULTS

Figure 6 shows the average change in forces in the
longitudinal polymer elements during three consecutive lifts
(based on the measured strains). As expected, the greatest
force occurred when the arch ring was fully suspended from
the ground during the first lift; when the screed first cracked
and induced additional strains in the polymer. The tensile
strength of a longitudinal polymer element is 6kN [10]. With
an average force of 0.65kN in the longitudinal polymer
element when the arch is freely suspended from the ground,
this gives an experimental factor of safety (FOS,) of ~9 (6kN /
0.65kN = ~9).
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Figure 6. Average change in forces in longitudinal polymer
elements during three consecutive lift.

The strains recorded in the transverse polymer elements
were averaged for the gauges at similar positions and gave a
maximum force of 0.12kN (Figure 7), which is small in
comparison to the longitudinal elements. When the arch was
lifting off the ground, the transverse polymer element at the
outer lifting point has strain as the skew cantilever starts to
develop. At a crown rise of ~100mm an additional transverse
polymer element also takes some strain. The maximum strain
value was reached at a crown lifting height of ~400mm as the
transverse polymer elements at the root of the cantilever have
strain. In summary, the transverse polymer elements distribute
the loads due to self-weight during the lifting procedure.
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Figure 7. Average change in forces in transverse polymer
element.

The arch system sustained a peak load of 22.9kN prior to
failure occurring by the formation of a mechanism. The
failure load was in excess of the equivalent service axle load
of 5.6kN. The four hinges that formed the mechanism are
shown in Figure 8.

Figure 8. Hing.e lpoints on failed é arch

As well as distributing the load across the arch ring, the
backfill generated compression within the ring and as a result
of this build up in compression, a greater applied load was
required to produce tension in the ring to form plastic hinges.

Figure 9 shows the stresses in the voussoirs based on
recorded strain results and as expected, the largest value of
compression, 2.0N/mm?, occurred at the two thirds point
along the arch span, at the opposite side to the loading
position. At the service load of 5.6kN, the maximum change
in stress is a low compressive value of 0.2N/mm? The largest
recorded joint opening occurred under the loading point.
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Figure 9. Change in stresses in voussoirs — full load test.

Figure 10 presents the average displacements at selected
locations. The highest displacement occurred under the
loading point with a maximum inwards displacement of
20.6mm. The highest outwards displacement of 17.3mm
occurred at the opposite two third span position. The
displacement was slightly less at the opposite two thirds point
as the backfill and the polymeric reinforcement provided
additional resistance to outwards movement. At the equivalent
service axle load of 5.6kN, the maximum change in
displacement was ~2mm, well within acceptable limits for
displacement of effective span/250 or 7.7mm.
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Figure 10. Average change in displacements — full load test.

Figure 11 summaries the acute and obtuse angle
displacements on a plan view. At voussoir 2 (closest to the
loading point) the obtuse angle corner moved outwards by
3.5mm, compared to 1.8mm at the acute angle corner. This
was expected, as in a skewed arch the obtuse angle corner was
expected to attract a larger proportion of the thrust in
comparison to the acute angle corner; that is the arching thrust
spans the shortest distance.
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Figure 11. Intrados displacements.

2.9mm 1

4  ANALYTICAL MODEL - POLYMER FORCES

A spreadsheet was developed to predict the forces in the
polymer for circular shaped arches with no skew and the
calculation steps are detailed below, with Figure 12
illustrating the dimensions.
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(a) Section through arch (b) Voussoir

Figure 12. Dimensions used to calculate the polymer forces.

Initially the intrados radius of the arch (r) is given by:

r=[(x/2)°+y*1/(2y) (@)

The arch segment angle from the centre of the circle (6,) is
given by:

0,=2[sint (x/2) /] (2)
The angle per voussoir from the centre of the arch circle (©,)
is given by:
O, = 6,/n, (3
The weight per voussoir (W,) is given by:
Wy = {[ (bve = byi).dv] + (bui.dy) } . wype (4)

Where w, = Width of voussoir
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The weight of screed per voussoir (W) is given by:
W, = (Cs.ds.Wy.0c) / Ny (5)
The total weight per voussoir (W,.s) is given by:
Wy = W, + Wi (6)

For each of the voussoirs forming the cantilever from the
outer lifting points, the horizontal distance from the lifting
point to the centre of the selected voussoir (l,.,) is given by:

IIp:v =sin { ©y. [ (Va/2) = Vp1 ] = (OJ2) } . [r+ (da/2) ] - Ic:Ip (7)
Where v,, = Voussoir number from cantilever tip

The total bending moment caused by the voussoirs (M,) is:

Ma = Z (Wv+s-llp:v) (8)

By assuming tension is taken fully by the polymer, and
by assuming a linear variation in the compressive stress with a
neutral axis at the voussoir mid depth, the moment of
resistance (M,) of the longitudinal polymer elements is given

by:

M; = [ dy.(5/6) — ds] . o 9)
Where oy, = Tensile strength of the polymer
The theoretical Factor of Safety (FOS,) is given by:

FOS, = M/M, (10)

For this test the theoretical factor of safety (FOSt) was 8,
which is comparable to the experimental value of 9 based on
the measured strain values in the polymer. The theoretical
predictions do not take into account the bond between the
polymer and the concrete nor does it consider the forces taken
by the transverse polymer elements. However, the theoretical
factor is slightly conservative and the predictions gave a good
correlation to the experimental values.

5  NON-LINEAR
(NLFEA)

NLFEA models are able to capture the behaviour of arches
due to the non-linear plasticity modelling capabilities of the
method. An explicit analysis was used to alleviate the
convergence problems which are associated with highly non-
linear contact plasticity models when the traditional implicit
approach is adopted [11]. The explicit approach is commonly
used for transient dynamic problems. However, if the loading
is applied slowly, the inertia effects become insignificant and
a pseudo static analysis can be achieved.

The skewed nature of the arch means that from a modelling
perspective the arch much be considered as a full three
dimensional structure. The 23 voussoirs of the arch ring are
modelled as individual parts with the fill being modelled as a

FINITE ELEMENT ANALYSIS
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further part, giving a finite element model with 24 different
parts. The parts are related through the definition of interfaces
with one part being prevented from penetrating into another
but there can be a gap between parts. If two parts are in
contact with each other then a relationship can be specified
between the normal and the transverse shear stresses. For the
work presented here the simple coulomb’s law of friction is
adopted where the transverse stress is directly proportional to
the normal stress with the constant of proportionality being
given by the coefficient of friction p, taken as 0.6 [12].

The concrete voussoirs that form the arch ring were taken to
behave elastically as the stress levels do not exceed the yield
compressive stress value and the tensile strength was zero as
the joints can open. For the granular backfill a Drucker/Prager
plasticity model with a friction angle of 46° [12] was adopted
to capture the spread of the load through the backfill, as this is
essential for the accurate prediction of the failure load for the
arch.

Creating a finite element model of the stepped arch ring was
achievable. However, applying the backfill proved to be
difficult, as it also had to be stepped. A finite element analysis
of the stepped arch ring on its own, with loading applied at the
crown, demonstrated that the stepped profile of the ring had
little influence on the alignment of the thrust line (Figure 13).

5, Mises

(Avg: 75%)
+1.522e-01
+1.396e-01
+1.270e-01

low stress

+5.132e-02
+3.870e-02
+2.609e-02
+1.348e-02
+8.632e-04

Figure 13. Stress distribution with loading at crown.

The geometry of the skew arch was therefore simplified by
basing it on the profile of a straight arch but with a skew of
15° (Figure 14) and applying the backfill to this model proved
to be simpler. The width of this skew arch model was reduced
to account for the step in the voussoirs.

(a) Reduced width straight edge skew arch ring model

(b) Skew arch ring model with straight edge

Figure 14. Straight edged skew arch model.

The three dimensional geometry was created by lofting
between two planar profiles that were offset from each other.
The model was meshed using wedge elements rather that
hexahedral elements. The hexahedral quadratic elements are
not available for the explicit method, however there is no
restriction on the quadratic wedge element and it was thought
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that the quadratic wedge would perform better than a linear
hexahedral.

The model was loaded in two steps, first the self weight of
the system was applied, namely the arch ring and backfill, and
in the second step a patch load was applied at the arch span
third point, similar to that in the experimental test. The arch
failed at a peak load of 23.2kN, which is comparable to the
22.9kN from the experiment. Figure 15 shows that the four
hinges formed in the exact same locations that they did during
the experiment. It also illustrates that, as expected, the arching
thrust spans the shortest distance, creating a concentration of
stresses at the obtuse corners where the hinge points form.

+

760e+00
+6/8332+00
+8.0352+00
451732400
+4311e+00
+3.3430+00

Figure 15. Hinge points on failed skew arch.

6  CONCLUSIONS

The 15° skew FlexiArch bridge had strengths far in excess of
the equivalent SV axle load under testing and sustained a peak
load of 22.9kN prior to failure occurring by the formation of a
mechanism. The failure load was ~4 times the equivalent
scaled SV axle load of 5.6kN. The results show that the skew
FlexiArch is a viable structural solution for medium span
bridges.

It was found that the highest forces in the polymeric
reinforcement occurred during lifting, and the transverse
polymer elements had negligible forces in comparison to the
longitudinal elements but did assist in the distribution of
torsional forces. The analytical model used to predict the
forces in the polymer for circular shaped arches with no skew
gave a good correlation to the experimental results. The finite
element model gave a predicted failure load that was close to
the experimental value, with the compressive stress pattern
similar to that of the experimental test. It can therefore be
concluded that both the analytical model for predicting the
polymer forces and the finite element model of the FlexiArch
system during loading can both accurately represent the
behaviour of the skew arch. Future research relating to the
skew FlexiArch will investigate the effect of varying the angle
of skew, increasing the span to rise ratio and double radius
arches.
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Behaviour of unbonded post-tensioned segmental box girders with dry joints

Michael Matson?, Kieran Ruane®?
" Hurst Pierce + Malcolm LLP, Celtic House, 33 John’s Mews, London, WCIN 2QL
2 RPS Group, Inishmore, Ballincollig, Co. Cork, Ireland
® Department of Civil, Structural & Environmental Engineering, Cork Institute of Technology, Rossa Avenue, Bishopstown,
Cork, Ireland
email: mmatson@hurstpm.co.uk, kieran.ruane@rpsgroup.com

ABSTRACT: The use of dry joints has become a more popular form of precast post-tensioned segmental box girder bridge
construction, in climatically suitable countries, over recent years. Time and cost savings achieved using dry joints, in lieu of
glued joints, are significant due to the economies of scale involved and the repetitive nature of the construction. A number of
formulae, presented in guidance documents and published papers, are typically used to determine the shear capacity of dry
jointed keys. When these formulae were examined, significant differences were noted in the shear capacities obtained, deeming
further research necessary. A program of laboratory testing and LUSAS finite element modelling was developed to decipher
which formula is most appropriate for use. Destructive and non-destructive tests were carried out on test segments representing
the interface between adjacent box girder webs with full sized shear keys. Failure loads and failure modes were determined
during the laboratory testing. A series of LUSAS finite element models, based on the laboratory test setup, was also developed.
Results obtained from the laboratory testing and finite element modelling were found to lie between results calculated using
formulae by AASHTO and Hewson, with the Hewson formula deemed to be most representative. A suitable modification
factor, to be used in conjunction with this formula, was developed to reflect the test results more accurately.

KEY WORDS: Dry joints, shear capacity, precast segmental box girder, post-tensioned, epoxy.

1 INTRODUCTION

The speed at which construction projects are built has a
significant impact on their overall cost. Designers and
contractors are continually striving to develop and hone
methods of construction, in an attempt to reduce a project’s °
construction phase and cost. This principle is particularly
applicable to precast segmental bridges.

2  GUIDANCE CODES AND DOCUMENTATION

The following codes of practice and published documents

provide formulae for determining the capacity of shear keys:

AASHTO Guide specification for design and construction

of segmental concrete bridges, 2™ Edition, 1999 [2];

e |.S. EN 1992-1-1: 2005 — Design of concrete structures:
General rules and rules for buildings [3];

e Dry Joint Behaviour of Hollow Box Girder Segmental
Bridges — Dr. Guenter Rombach [4];

e Prestressed Concrete Bridges: Design and Construction —
Mr. Nigel R. Hewson [5].

The shear capacity of a section of typical box girder web was
calculated, using each of the above formula. A spreadsheet
enabled the easy comparison of results for a range of varying
inputs, including:

sl S
Figure 1. Precast segmental box girder with shear keys.

A precast box girder bridge segment with typical shear key
layout is shown in Figure 1. Traditionally, when segments are
joined, a thin layer of epoxy is applied to the shear keys, prior
to the tensioning of the external tendons. This joint is referred
to as a “glued joint”. In recent years, a method known as “dry
jointing” has been used, where segmental bridges have been
constructed without epoxy in the joints.

Research undertaken examined a number of available
formulae taken from guidance codes and published papers
commonly used to calculate the shear capacity of dry jointed
precast segments. Results obtained from each formula were
compared with those from LUSAS [1] finite element models,
which were calibrated against a series of laboratory test
models.

¢ Width of segment web;

e Number of shear keys considered;

e Shear key dimensions;

¢ Characteristic compressive strength of concrete;

e Compressive stress in concrete, due to prestressing force.
A graphical comparison of the examined formulae, generated
using results obtained from this spreadsheet, is provided later
in this paper.

3  LABORATORY TESTING

A program of laboratory testing was developed to determine
the capacity of a number of shear keys and to calibrate a series
of LUSAS finite element models. This calibration was based
on the comparison of the failure modes, failure loads and
crack / crush patterns obtained for each of the laboratory test
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specimens and LUSAS models. Following this calibration, a
number of models were further developed. These were tested
with loads in excess of the maximum loads available for the
laboratory test.

Four test specimens were constructed to represent the
interface between adjacent box girder webs. Each specimen
was made up of 2 no. segments placed on top of each other
and each contained full sized shear keys of typical dimension.
This was to ensure that tests undertaken would not be
distorted by scaling effects. Various documents, in which dry
joints were illustrated, and projects, in which they were
utilised, were examined to determine suitable key dimensions.
A segment width of 350 mm was chosen, as it represented the
typical web width of a full sized box girder section.

In a casting yard, each box girder segment is match cast
against its adjacent segment, in order to achieve as best a fit as
possible. To reflect this process, the second segment of each
pair was match cast against the first. A test segment with 4
no. male shear keys was deemed to be most suitable, as it was
of a size appropriate for testing, whilst also being easily
constructed and handled. Figure 2 shows the construction of a
laboratory test specimen.

Figure 2. Construction of a laboratory test specimen.

Six 100x100 mm cubes were made with each segment pour.
Cubes were crushed at 7 days, 28 days and again on the day
the individual specimens were tested.

Figure 3 shows the laboratory setup for a typical test. The
test specimen was vertically loaded with 2 no. 55 tonne jacks,
attached to the top of an existing test rig, to represent the box
girder web in its prestressed state. These jacks were
individually pumped using 2 no. single action hand pumps.
Lateral loads were then applied by 2 no. 150 tonne jacks,
contained within a fabricated lateral load test rig, to reflect the
shearing forces, typically induced on the segments by the
bridge self weight, by traffic and by pedestrian loads. Both of
these jacks were pumped using the same double action hand
pump.

Four prefabricated load cells were used to measure the loads
applied to the test segments by each of the jacks. These load
cells were connected to a data logger, which was set to record
10 no. readings per second, enabling comprehensive load data
to be gathered.
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Figure 3. Laboratory test setup.

A Demec mechanical strain gauge was used during the
testing process to measure the relative displacement between
the two segments. This instrument was capable of measuring
movements of 0.001 mm. The gauge was used in conjunction
with Demec studs, which were attached to either side of the
test segment.

A full set of Demec readings was taken during each of the
tests, at the following stages:

« After the Demec studs were attached to the test specimen;
« Before the prestressing load was applied;

« After the prestressing load was applied;

» After each shearing load increment was applied.

When analysing the horizontal movement of the shear keys,
the relative movement between the top and bottom segments
was measured at 4 no. locations, as shown in Figure 4.

= | & |

[ — 1

. LOCATION2 -
2 LOCATION 3
T el

Figure 4. Measurement locations.

Eight tests were carried out on the 4 no. test specimens.
The laboratory test schedule, shown in Table 1, provides load
details for each of these tests.

Test 1, carried out on Specimen 1, was seen as a trial test to
establish the test methodology. The Specimen 1 failure mode
indicated the lateral load application point needed to be
altered for subsequent tests. Its location during Test 1 caused
excessive load to be transmitted through the narrow upstand
of Segment 1, causing it to bend and fail. Lowering the
application point ensured that an increased load could be
transmitted to the shear keys.

Tests 2, 3, 5 and 6 were non-destructive tests, used to
demonstrate the effect a varying prestressing force had on the
relative movements of the test segments.
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Table 1. Laboratory test schedule.

Laboratory test schedule
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During Test 2, a 200 kN prestressing force was applied. A
400 kN prestressing force applied during Test 3. In both
instances the specimen was loaded with a total shearing force
of 400 kN, applied in 100 kN increments. Tests 5 and 6
replicated Tests 2 and 3 respectively and were performed to
ensure that the results obtained were reliable.

Figure 5 superimposes the deflections measured, at each of
the four locations, during Test 2, on those recorded during
Test 5. Both sets of deflections are seen to be of similar
magnitude. In each instance, the most significant movement
is seen to occur at location 1, followed by those at locations 4,
3 and 2, respectively. Negative values indicate a shortening
of the measured distance.

www.bcri.ie

As results from both tests correlated well, they can be
presented with a greater amount of certainty. These results
also show that the individual tests were undertaken and
measured consistently.

2-SL.3
—Test2-S.L.4
---Test5-S.L.1
4t ---Test5-S.L.2
---Test5-S.L.3
“~-Test5-S.L.4

Figure 5. Comparison between results of Test 2 and Test 5.

Figure 6 superimposes the deflections measured, at each of
the four locations, during Test 3, on those recorded during
Test 6. As before, the most significant movement is seen to
occur at location 1, followed by those at locations 4, 3 and 2,
respectively.

Test6-S.L. 4

Figure 6. Comparison between results of Test 3 and Test 6.

Significant correlation can be seen between deflections
measured at three of the four locations, with slight variations
inevitable due to the magnitude of the displacements being
measured.

Having completed Tests 2, 3, 5 and 6, it was evident that
increasing the prestressing force applied to the test specimen,
led to a reduction in the relative movement between the
segments, caused by the applied shear force. A 100%
increase in the applied prestressing force, from 200 kN to 400
kN, led to an average reduction of 75% in recorded
deflections. Favourable correlation of test results also showed
that a consistent testing and measurement procedure was
being achieved.

Tests 4, 7 and 8 were destructive tests carried out on
Specimens 2, 3 and 4 respectively. The prestressing forces
applied and resulting specimen failure loads are detailed in
Table 2.

Failure of Specimen 2 was caused by the development of
significant cracks due to the crushing of concrete at shear keys
1 and 2. Figure 7 shows the failure at these locations.

Failure of Specimen 3 was caused by cracking at the top
right hand side of the test specimen. This cracking, caused by
bending of the top segment upstand, became evident with an
applied lateral load of 250 kN and got progressively worse
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with increasing load. Significant cracking was also noted at
the first and second shear keys, as shown in Figure 8, but
these were not the cause of the specimen failure.

Table 2. Laboratory test failure loads.

Test Prestressi ng force Test failure
specimen applied , load
kN N/mm kN
Test 4 2 500 1.667 809
Test 7 3 500 1.667 752
Test 8 4 400 1.333 713

Figure 7. Failure of Specimen 2.

Figure 8. Failure of Specimen 3.

Failure of Specimen 4 was caused by cracking at the first
and second shear keys. Cracking, due to concrete crushing,
became evident at the first shear key with an applied shearing
force of 300 kN. Two separate cracks appeared, as shown in
Figure 9. These cracks increased in severity, with additional
lateral load, until the eventual failure of the shear key. The
failed key is also shown in Figure 9.

Figure 9. Failure of Specimen 4.

4  FINITE ELEMENT MODELLING

A program of LUSAS finite element modelling was devised to
determine the capacity of a specific number of shear keys,
under varying levels of prestress. Initial models were
calibrated using the test data obtained from the laboratory
testing. Once the finite element model was deemed to
adequately reflect the behaviour of the test segments,
additional, increased loads, that could not be reached during
the laboratory testing, due to the limited jack and rig
capacities, were applied. Results obtained from these tests
were then compared with those obtained using the available
shear key capacity formulae.
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As the segments were of constant cross section, 2D
modelling was utilised. It was meshed with 4-node plane
stress continuum elements. To reflect the laboratory testing
conditions, the bottom segment, was placed on a flat surface,
fixed in the X, Y and Z directions. This represented the bed
of the test rig. The left hand end face of the top segment was
fully restrained in both the X and Z directions. This again
represented the testing condition, with the segment being
restrained by the fabricated test rig.

The inclusion of slidelines allows the movement of two
adjacent surfaces over each other. The friction created
between the two surfaces, dependent on their material, is
specified as part of their application. Two slidelines were
used in this model. The first was between the underside of the
bottom segment and the top of the support surface. A
slideline, with a Coulomb friction coefficient of 0.1 was
utilised, to allow near frictionless movement between the two
elements. The second was at the interface between the two
segments. In this instance, a Coulomb friction coefficient of
0.6 was used, as it is representative of concrete on concrete
surfaces [6]. The use of slidelines required a non-linear
analysis to be carried out.

As the prestressing and shearing loads were not applied
simultaneously during the laboratory testing, load curves were
utilised to stagger their application in the finite element
model. Typical crack / crush and stress diagrams, taken at
failure, are shown in Figure 10.
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Figure 10. Crack / crush and stress (x-x direction) diagrams of
specimen at failure.

When the failure loads and crack / crush patterns adequately
matched those of the three laboratory specimens tested to
failure, the finite element models were deemed to be
sufficiently calibrated for further use.
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5 COMPARISON OF DRY JOINT FORMULAE WITH
LABORATORY TESTS AND FINITE ELEMENT
RESULTS

The Excel spreadsheet developed was used to calculate the

shear capacity of a section of segment web, in accordance

with each formula considered. The web section properties
were as follows:

*  Width of segment web = 350 mm;

* No. of shear keys being considered = 4;

e Width of shear key = 30 mm;

e Compressive strength of concrete = 40N/mmz2;

e Compressive stress in concrete, due to prestressing force,
applied normal to and evenly across the joint: IN/mm2 —
15N/mm2.

Results obtained were graphed, enabling easy comparison
of the formulae. Unfactored results are shown in Figure 11.
Significant differences were found between the shear
capacities provided by each formula, with results differing by
in excess of 100%.

Results obtained from the finite element modelling of an
identical web section are graphed in Figure 12.

As each laboratory test specimen also consisted of 4 no.
shear keys, each of the three test failure loads have also been
included in Figure 13, for easy comparison with the shear
capacities obtained from both the formulae and the finite
element modelling.

Figure 14 focuses on the test results for applied compressive
forces of between 1 N/mm? and 4 N/mm? clearly showing
their correlation with the laboratory test results.

Comparison of unfactored shear resistances
obtained using available formulae
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Figure 11. Comparison of formulae results.
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Comparison of shear resistances obtained using
available formulae and F.E. model
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Figure 12. Comparison of F.E. results with formulae.

Comparison of shear resistances obtained using
available formulae, F.E. model & laboratory testing

5000
4500
'/" —@—AASHTO, 1999
4000 M4
5 )'/" 4 —8—1.5. EN 1992-1-1
+
= 3500 iy p! »—Dr. G. Rombach
o
E 3000 l/' p * 3 —&—Mr. N. Hewson
Il f a
& 2500 el = -2 ~—F.E model
G H/ﬂ/- =
@ 2000 - + A < Labtestd
[ P/"
] i & / = Llabtest7
E 1500 " P
A ’/‘ 2 ¥ Labtest 8
1000 2= A
+;ﬂ‘ /
500 —
0
0 2 4 6 8 10 12 14 16

Compressive stress (N/mm?)

Figure 13. Shear resistances with laboratory tests included.

Comparison of shear resistances obtained using
available formulae, F.E. model & laboratory testing
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Figure 14. Shear resistances with laboratory tests included.
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6  CONCLUSIONS

It was found that the shear resistance of the section calculated
using the finite element model fell between the resistances
obtained from the formula provided in the AASHTO, 1999
document [2] and that proposed by Nigel Hewson. As the
laboratory test specimens contained four shear keys, the
results got from the three destructive tests were also
compared. Figure 13 and Figure 14 show good correlation
between the laboratory test and finite element modelling
results.

Hence, it is concluded that the formula detailed in I.S. EN
1992-1-1:2005 [3] provides the most conservative shear key
capacity. The formula proposed by Nigel Hewson is also
deemed to marginally underestimate the shear capacity.
Conversely, and perhaps more significantly, the AASHTO
1999 document [2] appears to overestimate the capacity of the
studied section. The formula developed by Dr. Rombach was
found to overestimate the shear capacity for applied stresses
of between 1 and 4 N/mm? but was found to be conservative
for applied stress in excess of this.

Figure 12 shows that the Hewson formula is most
representative. From the results obtained, it was found that
this formula could be multiplied by a further factor based on
the applied compressive stress, f., to more closely represent
the finite element modelling and laboratory test results. The
proposed modified Hewson formula is shown below:

L
JE

Figure 15 shows the modified Hewson formula
superimposed on the comparison of shear capacities obtained
from the formulae examined and the finite element modelling.

Vj unfact — 2[14 fc A%k + 0.6 fc (AN - A%k ):l

Comparison of shear resistances obtained
using available formulae, F.E. model
& modified Hewson formula
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Figure 15. Comparison of shear resistances with modified
Hewson formula included.

It can be seen that the line denoting the modified Hewson
formula is non linear. However, between the commonly used
compressive stresses of 4 N/mm? and 10 N/mm?, it is seen to
closely represent the results obtained from the finite element
modelling and, hence, is deemed appropriate.
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ABSTRACT: This paper seeks to determine the effect deterioration has on the seismic vulnerability of a 3 span integral
reinforced concrete bridge. Traditionally it has been common to neglect the effects of deterioration when assessing the seismic
vulnerability of bridges. However, since a lot of the bridges currently being assessed for retrofit are approaching the end of their
design life, deterioration is often significant. Furthermore, since deterioration affects the main force resisting components of a
bridge it is reasonable to assume that it might affect its performance during an earthquake. For this paper, chloride induced
corrosion of the reinforcing steel in the columns and in the deck has been considered. Corrosion is represented by a loss of steel
cross section. A 3 dimensional non-linear finite element model is created using the finite element platform Opensees. A full
probabilistic analysis is conducted to develop time-dependent fragility curves. These fragility curves give the probability of
reaching or exceeding a defined damage limit state, for a given ground motion intensity measure taken as Peak Ground
Acceleration (PGA). This analysis accounts for variation in the ground motion, the material and geometric properties of the
bridge, and the levels of deterioration when assessing its overall seismic performance as well as the performance of its most
critical components. The results show that neglecting to include deterioration results in an underestimation of the seismic
demands placed on the bridge and therefore the bridge may be more vulnerable than acknowledged. Further work is
recommended including the development of fragility curves to include different retrofit options and deterioration levels. As the
deteriorated bridge performs differently to the pristine structure, the inclusion of deterioration may alter the optimal retrofit

strategy selected and is therefore an important area of research.

KEY WORDS: Deterioration; Bridge; Seismic; Fragility; Corrosion.

1 INTRODUCTION

Throughout the United States and the rest of the world there
are hundreds of thousands of bridges located in seismic zones.
In the aftermath of an earthquake, it is very important for
bridges to be functioning as they make up key components of
the transport network and are vital to facilitate a rescue and
recovery effort. As a result of this importance, a large amount
of research has gone into predicting the likelihood of bridges
reaching defined damage states for a given earthquake
intensity. However, it is also important to note that a lot of
these bridges were built 40-50 years ago and may have
suffered high levels of deterioration resulting in a reduced
load carrying capacity. Over half the bridges in the United
States are approaching the end of their design life [1], which
would suggest that including deterioration in the seismic
fragility estimation of bridges is very important. Despite this,
a relatively small amount of research has gone into assessing
the impact deterioration has on the response of RC structures
subjected to earthquake events. Recent work by Choe et al.
[2,3] used a probabilistic approach to estimate the reduction in
column capacity and the increase in demand of a typical
single bent bridge in California due to corrosion. Choe et al.
[4] developed fragility increment functions to determine the
fragility of corroding RC bridge columns. This work provides
estimates of the fragility at a time of interest based on the
fragility of the pristine bridge column without having to carry
out additional reliability analyses. This work may provide an
effective time saving measure. The deterioration of both the

RC columns and steel bearings has been accounted for by
Ghosh and Padgett [5] for multispan continuous highway
bridges. Akiyama et al [6] evaluated the reduction in capacity
of corroded RC columns due to airborne chlorides. This work
also proposed a novel computational approach to integrate the
probabilistic hazard associated with airborne chlorides into the
life-cycle reliability of the proposed columns. Most recently,
Alipour et al. [7] studied the life-cycle performance and cost
of reinforced concrete bridges exposed to earthquake ground
motions as well chloride induced corrosion. This study
attempts to provide a more accurate prediction of the
corrosion initiation time by taking into account some of the
parameters that can affect the corrosion process when
developing time-dependent fragility curves. As well as the
probabilistic structural evaluation, the results of the fragility
analysis are used to estimate the total life-cycle cost of the
bridges.

2 BRIDGE MODELLING

A reinforced concrete, 3 span, fully integral bridge was used
for the fragility analysis carried out in this study. A 3D finite
element model of the bridge in its pristine condition was
developed using the finite element software Opensees [8]. The
total length of the bridge is 52.518m. This is made up of a
centre span measuring 29.078m and two side spans each
measuring 11.72m. The piers consist of 2 1m diameter
circular columns. Each column has a clear height of 6.831m.
A schematic of the bridge can be seen in figure 1.
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Figure 1. Elevation and Plan View of the 3-Dimensionsal Nonlinear Analytical model of the 3 Span Reinforced Concrete
Integral Bridge.

The superstructure consists of a 10m wide reinforced
concrete deck slab supported on 5 prestressed U1l beams.
Composite action of the slab and the girders is taken into
account and superstructure is modelled using an elastic beam-
column element located at the centroid of the section. It is
assumed for this research that the superstructure elements will
remain in the elastic range following recommendations by
Aviram et al. [9].

The columns at each bent are modelled using nonlinear
beam column elements with a fiber cross section. To define
the fiber cross section, the concrete column section is
discretized into a number of fibers, made up of 8 rings and 12
wedges. The 18 reinforcing steel bars are included as an extra
layer. The confined and unconfined concrete strength
parameters for the columns are calculated using the approach
described by Mander et al. [10].

The abutments are modelled using simplified non-linear
translational springs. Only the contribution of the piles is
considered in the active direction. In the passive direction the
contribution of the soil and the piles is considered. The
abutment-backfill soil interaction is modelled following the
recent work by Shamsabadi et al. [11] which gives numerical
simulation models which have been validated using data from
recent experiments on the lateral response of typical abutment
systems. This applies for abutment heights of up to 2.5m and a
silty sand or clayey silt backfill. The following equation
describes the lateral force-displacement relationship for the
two backfill types [10]

410.6y ( H

Fy) = I(%)+1.867y 1m

249.1y H\105 .
—_— <
(11;In)+'8405y (1m) ,¥ < 0.10(Clayey silt)

1.56
)y < 0.05H(Silty sand )
1)
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where y = the maximum value of lateral displacement in cm,
F(y) = the lateral force in KN/m and H = the abutment
height in m.

The foundations are modelled using simplified nonlinear
translational and rotational springs using a method outlined by
Nielson [12]. For the translation springs the contribution of
the piles and the pile cap which is embedded in the ground is
considered.

Variation in certain modelling parameters is accounted for
including concrete compressive strength, steel strength, soil
stiffness, horizontal pile stiffness, vertical pile stiffness, mass,
damping and concrete cover depth.

3  DETERIORATION MODELLING

For this study, chloride induced corrosion of the reinforcing
steel in the concrete columns is considered. According to Tilly
[13], this form of deterioration is responsible for more than
55% of concrete repairs carried out. Therefore, there has been
a significant amount of research into developing probabilistic
chloride-induced corrosion models. Thoft-Christensen et al.
[14] and Duracrete [15], developed probabilistic models for
the corrosion process. Stewart and Rosowsky [16], Vu

and Stewart [17] and Enright and Frangapol [18,19]
developed probabilistic models for the corrosion of bridge
slabs, beams and girders.

For this study deterioration is divided into two phases, the
diffusion phase and the deterioration phase. The time to
concrete cracking has been modelled by previous researchers
[2,6,7] but is beyond the scope of this paper.

3.1

The duration of this phase is generally estimated using the
solution of Fick’s second law [17] which can be represented
as

Time to Initiation
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C(x,t) = Cs [1 —erf (2\/9;_@)] )

where D, = diffusion coefficient; C, = surface chloride
concentration; C(x,t) = chloride ion concentration at a time t
and a distance x from the concrete surface and erf =
Gaussian error function. It is assumed that corrosion of the
reinforcing steel begins at a time T,,,,- , when the chloride ion
concentration at the cover depth reaches a critical chloride
concentration, C... The time to corrosion initiation can be
found by using C(x,t) = C., and solving for T,,,,.. For this
study the values for C;, C., and D, were taken from Vu and
Stewart [17] and can be seen in Table 1.

Table 1. Statistical Parameters for Corrosion Initiation Time.

Parameter Mean COV? Distribution
Cover (cm) 35 2 Lognormal

D.  (cm’lyear) 0.63072 .2 Lognormal

C,  (kg/m®) 295 5 Lognormal

C.r  (kg/m®) 0.9 19 Uniform(0.6-1.2)

4COV = Coefficient of Variation

The distribution for the corrosion initiation time is found
using Monte Carlo simulation with a sample size of 50,000. A
lognormal distribution for T,,,. with a mean of 11.16 and a
standard deviation of 6.94 years is found to be a good fit to
the simulated data for corrosion initiation time.

3.2 Deterioration Phase

Once corrosion has initiated, the loss of steel cross section
begins and the load carrying capacity of the column reduces
with time. To estimate the loss of steel cross section with
time, a time dependent corrosion rate is used developed by Vu
and Stewart [17]. Although a lot of time dependent fragility
analyses have used a constant corrosion rate, Vu and Stewart
[17] suggest that the formation of rust on the steel surface will
reduce the diffusion of the iron ions away from the steel
surface and will also reduce the area ratio between the anode
and the cathode. This would cause the corrosion rate to reduce
with time. The time dependent corrosion rate can be written as

icorr(tp) = lcorr(1) - 0-85tp_0'29 (3)

where t,,= time since corrosion initiation and i.,-(1) = the
corrosion current density and the start of the deterioration
phase and can be written as

8(1-W/)"164 ;A
37.8(1="/c) 7" (ﬂ /sz) (4)

icorr(l) = cover
where W/, — water cement ratio and cover = the concrete
cover in mm. Faraday’s law states that a corrosion current
density of i, = 14A/cm2 corresponds to a uniform
corrosion penetration of 11.6pm year™ [20]. Therefore, the
reduction in reinforcing bar diameter can be calculated
directly from the corrosion current density using the following
equation. [20]

www.bcri.ie

AD(T) = 0.0232 [7 icorr (t5) (™™ year) ()

From equation 4 it can be seen that the corrosion rate
depends on the concrete quality and the cover depth. This
paper investigates the effect both these parameters have on the
loss of cross section with time. In figure 2 the influence of the
concrete compressive strength and cover on i.,,..(1) can be
seen. It is clear from figure 2 that an increase in cover and
compressive strength results in a decrease in the corrosion
rate.

For this paper, a cover of 35mm and a concrete compressive
strength of 30MPa are assumed. The resulting loss of cross
sectional area with time can be seen in figure 3. After 100
years of exposure there is a 13.6% loss of steel cross section.
This reduction of steel can easily be included in the Opensees
finite element model by reducing the area of each reinforcing
bar in the fiber section.
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Figure 2. Influence of concrete strength and cover on
corrosion rate.
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Figure 3. Reduction in reinforcing steel cross section with

time for 35mm cover.

3.3 Loss of Steel Strength

It has also been suggested by Du et al [21] that the onset of
corrosion results in a reduction of the strength of the steel.
They carried out both accelerated and simulated corrosion
tests on reinforcing steel bars embedded in concrete and
concluded that the strength of steel bars decreases
significantly with chloride penetration. They proposed the
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following empirical equation to estimate the time-dependent
loss of yield strength due to corrosion:

fy(t) = [(1 - -OOSA(t))fyo] (6)

where £, (t) = the yield strength of corroded reinforcement
at each time step; f,, = the yield strength of noncorroded
reinforcement; t = time elapsed since corrosion initiation
(years) and A(t) = percentage of steel mass loss over time
calculated from the consumed mass of steel per unit length
divided by the original steel mass. For this study the loss of
strength after 100 years is calculated and input into the
Opensees finite element model.

4 IMPACT OF DETERIORATION ON SEISMIC
RESPONSE OF RC COLUMNS

This study considers the seismic response of the columns and
abutments of this integral bridge. However, for brevity only
the response of the columns will be shown here as a
preliminary study showed these as the most wvulnerable
components.

For this study the column demand is taken as the curvature
ductility ratio and can be written as

P )

Ho = kyiela

where ky,q, = the maximum curvature demand and ky oy =
the curvature in the column which causes first yield of the
outermost reinforcing bar. The curvature ductility demand
ratio is calculated in the longitudinal and transverse directions
and the column demand is taken as

— 2 2
My = \/# @—longitudinal Tu @—transverse (8)

In order to find k4@ moment curvature analysis of the
reinforced concrete circular section was carried out. With the
onset of deterioration the loss of steel cross section and
strength will result in a reduction in k4. After 100 years
kyieials reduced by 9.6% from .0041/m to .0037/m.

As a first step for this study, the pristine and deteriorated
bridges are subjected to a sample ground motion with a peak
ground acceleration of .9864g in the longitudinal direction.
Figure 4 shows the increase in seismic demand placed on the
structure after 100 years. For this sample ground motion the
maximum curvature increased from .0381/m to .0519/m
representing an increase of 36.2%.
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Figure 4. Increase in curvature demand for the 100 year old
bridge.

5 DEVELOPMENT OF COMPONENT FRAGILITY
CURVES

Seismic fragility curves offer conditional statements of
probability of a bridge reaching a defined damage state for a
given ground motion intensity level. The first step involved in
developing a fragility curve is to develop a probabilistic
seismic demand model. Once the 3D finite element model has
been generated it is subjected to a suite of ground motions to
account for uncertainty in ground motion level. For this paper
a suite of 80 ground motions are used which have been
identified by Gupta and Krawinkler [22] from the PEER
strong motion database along with another 20 identified by
Krawinkler et al. [23] from the SAC project database. All 100
ground motions are representative of seismicity in the
California region. The 80 ground motions gathered from the
PEER data base have an even selection of time histories from
four bins including low and high magnitudes and long and
short epicentral distances. The magnitudes vary between 5.8
and 6.9 and the epicentral distances range from 10-60km. The
20 ground motions are made up of 10 pairs with intensities of
2% and 10% probability of exceedence in 50 years
respectively. As well as uncertainty in ground motion,
material uncertainty is also accounted for. The peak
component demand for each ground motion is then recorded.
For this paper, only the column and abutment demands are
considered. Future work could extend the components
considered to the deck and the foundations. Cornell et al. [24]
suggests that the relationship between seismic demand, Sp and
intensity measure, IM follows a power law model and can be
written as:

(/)

—_— )
/BZSD|IM+BZC

The fragility can be evaluated directly knowing the capacity
and the PSDM parameters (a, b, Bspym ) by rearranging
equation 9 into the following form

P[D > C|IM] = &

ln(IM)_ln(S,;)b—ln(a)

B2spm+B%c

b

P[D > C|IM] = & (10)
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6 COLUMN FRAGILITIES

The components of this bridge which could experience
possible damage during a seismic event include the
foundations, deck, abutments and columns. However, a
fragility analysis has not been carried out for each of these.
The foundation fragilities are not calculated for this study
because without fully considering soil structure interaction in
the Opensees model, it is thought that the response of the
foundations is not sufficiently accurate to justify carrying out
a full component fragility analysis. A preliminary
investigation into the deterministic response of the deck when
the bridge is subjected to a .9864¢g earthquake shows that it
will remain elastic and is therefore not considered a
vulnerable component and also omitted from the fragility
analysis. Previous research carried out by the authors show
that beyond the moderate damage state the abutment
fragilities are insignificant and therefore the fragility curves
are not shown here [25]. Therefore, for this paper, only the
column fragilities are calculated and shown in figures 5-8.
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Figure 5. Column fragility curves: Slight Damage State.
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Figure 6. Column fragility curves: Moderate Damage State.
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7  SCOPE FOR FUTURE WORK

For this research chloride induced corrosion of the steel
reinforcement is considered assuming a marine environment
less than 1km from the coast. A review of the literature, as
well as previous work carried out by the authors [25] shows
that the deterioration model chosen has a huge influence on
the levels of deterioration of the bridge. It is therefore
recommended that different deterioration models representing
various environments are considered when carrying out a
seismic fragility analysis. This would provide a better insight
into which environments cause the greatest increase in seismic
vulnerability with age and therefore could be used to prioritise
maintenance and retrofit scheduling.

Although chloride induced corrosion has been cited as the
most severe form of deterioration [26], other deterioration
mechanisms such as carbonation may be significant in certain
environments and should be investigated. It has been
suggested that carbonation rates may vary from one part of the
structure to another [27]. For example, if a component is
permanently sheltered the carbonation rate may be
significantly higher than those parts exposed to the rain. This
suggests that carbonation of the columns should be
investigated to establish if it is causes significant levels of
deterioration.
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More research into how to include deterioration in the
calculation of component limits states for columns is needed.
For this study, curvature ductility was chosen as the column
limit state. Deterioration was accounted for by reducing the
yield curvature. However, a more accurate estimate of
deteriorated capacities is needed accounting for loss of steel,
loss of bond between the steel and the concrete and concrete
cracking and spalling.

Although material uncertainty is accounted for in this paper,
a single deterministic model is used for the geometry of the
bridge. Previous studies which have carried out fragility
assessments of deteriorating RC bridges have accounted for
geometric uncertainty therefore would be a necessary future
step for this study [5,7].

8  CONCLUSION

This paper provided a time dependent fragility analysis of a 3
span integral reinforced concrete bridge. Only deterioration of
the RC columns is considered. The deterioration mechanism
chosen for this paper is chloride induced corrosion and is
represented by a loss of steel cross section and a reduction in
steel strength. Corrosion models from previous research
carried out by Vu and Stewart [17] are used assuming the
bridge is located in a marine environment less than 1km from
the coast. A full probabilistic analysis is carried out to
account for variability in ground motion and material
parameters. Variation in geometric parameters of the bridge is
beyond the scope of this paper. Only fragilities of the RC
columns are calculated. Foundation, abutment and deck
fragilities are neglected for reasons given in section 6 of this
paper. The column fragilities calculated show an increase in
column vulnerability with age. For example, a 13.6% decrease
in the median value PGA for the complete damage state was
seen after 100 years. It is worth noting that this increase in
fragility is significantly less than increases seen when
different deterioration models are considered [5]. This
emphasises the effect the deterioration model chosen has on
the time-dependent fragility curves and the importance of
looking at multiple deterioration models.

A general conclusion from the findings in this paper and
others [2,3,4,5,6,7], is that the inclusion of bridge age and
exposure condition in seismic risk assessments is necessary to
offer a more realistic estimate of the seismic vulnerability of
the bridge. Although very recently researchers have begun to
study the effects of aging on the seismic performance of
bridges, work to date has been limited to certain bridge types
and exposure conditions. More work is necessary if aging is to
be included in future seismic risk assessments, which could
lead to more accurate estimates of life cycle costs and more
efficient rehabilitation strategies.
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2D finite element stability analysis of a reinforced piled embankment
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ABSTRACT: Piled embankments are widely used for the construction of roads and rails over soft and/or compressible soils.
Traditional design methods, such as BS 8006 assume that the lateral trust is carried by geosynthetic reinforcement placed at the
base of the embankment directly over the pile caps. At the extremities of the embankment both horizontal equilibrium and strain
compatibility between the different components; the embankment fill, the geosynthetic reinforcement, the pile group and the
soft soil, must be achieved. This study using finite element analysis found that the stability of these structures was dependent on
the ratio of embankment height to clear spacing between pile caps and the steepness of the embankment side slopes. Increasing
the pile caps size, geosynthetic reinforcement stiffness, pile stiffness modulus and soft soil stiffness modulus increased stability.
Decreasing the side slope steepness, embankment height and centre to centre spacing of the piles also increased stability.

KEY WORDS: Embankment; stability; geosynthetic reinforcement; pile; FEM.

1 INTRODUCTION

The design of piled embankments is a complex soil-structure
interaction problem involving embankment fill, geosynthetic
reinforcement, a pile group, and the soft underlying soil (Love
& Milligan, 2003). In designing a piled embankment both
vertical and horizontal equilibrium must be achieved. The
internal horizontal (lateral) forces from the embankment fill
acting outwards need to be balanced by a combination of
tension in the horizontal geosynthetic reinforcement, lateral
loads on the pile group and resistance from the soft soil. In
addition to equilibrium considerations, strain compatibility
between the displacement of the geosynthetic reinforcement,
the pile group and the soft soil must be achieved (Love and
Milligan, 2003). Structural stability must be achieved through
equilibrium and strain compatibility considerations without
having a detrimental effect on the serviceability of the
structure. The stability of a structure is expressed in terms of
its factor of safety. The stability of the structure may be
calculated by utilizing limit equilibrium (LE) or finite element
analysis (FE).

The conventional limit equilibrium methods of slope stability
analysis used in geotechnical practice investigate the
equilibrium of a soil mass tending to move downslope under
the influence of gravity (Anon, 2003). A comparison is made
between forces, moments, or stresses tending to cause
instability of the mass, and those that resist instability (BS
8006, 1995 & Aryal, 2006).

Slope stability analysis by the finite element method use
similar failure definitions as the limit equilibrium method for
the soil mass but offer many advantages over limit
equilibrium methods (Griffiths & Lane, 1999), such as the
ability to develop the critical failure surface automatically
with fewer assumptions (Kiousis et al., 2010). The FE method
is particularly useful for soil-structure interaction problems
(Aryal, 2008) in which structural members interact with a soil
mass. The simplifying assumptions of the limit equilibrium

approach hinder its ability to adequately model the complete
geosynthetic-pile-soil interaction (Rowe & Soderman, 1985)
in comparison to finite element analysis.

A reinforced embankment founded on a pile group (GRPE)
is less prone to shear strength failure. The pile group is
subjected to two destabilizing loads (vertical and lateral). The
finite element method is most widely used to perform the
analysis of piles under different types of loading (Chik et al,
2009). The first attempt to study the lateral behaviour of piles
included two dimensional finite element models in the
horizontal plane (Poulos & Davis, 1980). The influence of
vertical load, such as that from embankments, on the lateral
response of the pile through an experimental model supported
by two-dimensional (2D) finite-element analysis was minimal
(Anagnostopoulos & Georgiadis, 1993). The pile soil
interaction is a complex three dimensional phenomenon and a
2D analysis may not properly simulate the behaviour when
piles are under induced lateral soil movements (Karthigeyan
et al., 2003, Kok and Huat, 2008). 2D analysis of the GRPE
has a tendency to underestimate both the bending moments
and pile group deflections (Kok and Huat, 2008). However,
van Duijnen and Kwast (2003) found that plain strain 2D
calculations when calibrated with correction factors matched
the accuracy of 3D calculations very well for a reinforced
piled embankment. Plane strain analysis models the cross
section of the GRPE as a homogenous continuum
longitudinally. Consideration of pile spacing in the
longitudinal direction and its resultant effect on load, stress
distribution and global stability are outside the scope of
computation. Expressions may be developed with respect to
the trend of deformations, loads and stresses with the
discrepancies of the computed absolute values of the field
variables acknowledged.

This study examines the suitability of the BS 8006 (1995)
design methodology, through a finite element stability
analysis approach. The effects of certain pertinent factors; the
pile spacing, pile cap size, stiffness of the geosynthetic
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reinforcement, height of the embankment and the effect of the
soft soil layer under the embankment were investigated.

Embankments require the use of the soil mechanics
definition of a safety factor, which is the ratio of the available
shear strength to the minimum shear strength needed for
equilibrium (Plaxis 2010). Plaxis 2D finite element analysis
computes this factor of safety using a phi-c reduction
procedure. Expressions are developed giving the degree of
structural  stability offered by the pile geometric
characteristics, embankment characteristics, geosynthetic
reinforcement and the underlying soft soil.

2  NUMERICAL ANALYSIS

The numerical analysis was performed using the Finite
Element code-Plaxis 2D Version 9.0. The generic model
consisted of an embankment 4.0m in height with a 1V:2H side
slope. The concrete piles, 10 m in length, were at 3.0m centres
with a 1.0m wide pile cap, Figure 1. The geosynthetic
reinforcement had a stiffness of 500kN/m and was placed
100mm above the pile cap. The underlying soft soil depth was
8.0m. The surcharge loading at the top of the embankment
was 10kN/m as commonly used in practice (Han and Gabr,
2002). The embankment height, H, was varied from 2.0m to
6.0m, the steepness of the side slope from 1V:2H to 1V:3H,
the pile spacing, s, from 1.5m to 4.5m, the pile cap size, a,
from 0.3m (i.e. no pile cap) to 2.0m, the soft soil depth from
8.0m to 15.0m and the stiffness of the geosynthetic
reinforcement from OkN/m (unreinforced case) to 4000kN/m.

The pile was assumed fixed against rotation by penetrating
into a firm bearing stratum, Figure 1. Plaxis 2D modelled the
pile element with interfaces as a plate model with a linear
elastic material set applied, Table 1. The Young's modulus of
the pile ranged from a stiff (E, = 2.8x10" kPa) to a flexible
modulus (E, = 3.5x10° kPa) (Karthigeyan et al, 2003). The
soil model used in the analysis was the Soft Soil Model
selected from the Plaxis code due to its Cam Clay like
properties especially under primary loading particularly for
normally consolidated clay type soils. The soil parameters,
Table 1, range from a very soft peat (SSM 1) to a normally
consolidated clay (SSM 2). The embankment fill was
modelled using typical values for a granular base material,
Table 1. A Mohr Coulomb model was selected for the
embankment fill, Table 1.

www.bcri.ie

- i &

Figure 1. Plaxis 2D reinforced piled embankment model.

The Plaxis 2D analysis used a plastic updated mesh analysis
with a staged construction and drained conditions to simulate
the long term behaviour of the structure. The global
coarseness of the mesh was selected as very fine with a local
refinement at the pile group/reinforcement location. 15 node
element mesh density was selected to accurately predict
global stabilty, 6 node element mesh was found to compute a
lower structural deformational repsonse. Axioms such as a
horizontal ground level, parallel horizontal soil layers/pheatric
levels enable a K, procedure to be adopted in calculating
initial stresses within the soil, unconformity of field based
Irish conditions to these stipulations would require gravity
loading to be used instead.

3 RESULTS OF FINITE ELEMENT STABILITY
ANALYSIS

3.1  Stiffness of the Geosynthetic Reinforcement

Stability of the geosynthetic reinforced piled embankment
(GRPE) structure increased for an increase in the geosynthetic
reinforcement stiffness for both side slope steepness, Figure 2.
The most significant improvement in structural stability was
for the initial inclusion of reinforcement to the structure. The
inclusion of geosynthetic reinforcement (0—500 KkN/m)
increased the factor of safety by 0.137 (1V:2H side slope) and
0.266 (1V:3H side slope), Figure 2. Further increases of the
geosynthetic reinforcement stiffness, from 500 kN/m to 4000
kN/m, yielded only a marginal increase (0.017) in the factor
of safety for a 1V:2H side slope and a 0.189 increase for a
1V:3H side slope, Figure 2. The relationship between the
factor of safety and the stiffness of the geosynthetic
reinforcement was inversely correlated with the deformational
response of the structure, this relationship was also observed
by Han and Gabr (2002).

Table 1 Material characteristics.

E v c [ w Yunsat Ysat Rinter
(KN/m2) (KN/m2) Deg (°) Deg (°) (KN/m3) (KN/m3) -
Embankment Fill* 20000 0.2 0 35 0 19 20 0.85
Pile? 3.00E+07
A* K* P c w Yunsat Psat Rinter
- - Deg (°) (KN/m2) (°) (KN/mg) (KN/mg) -
Soft Soil (SSM 1)° 0.12 0.04 15 5 0 12 12 0.65
Soft Soil (SSM 2)* 0.03 0.01 25 1 0 19.5 19.5 0.7
EA
(KN/m) Note: * Gangakhedkar 2004, 2 Han and Gabr 2002, * Farag 2008,

Geosynthetic Reinf? 500
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3.2  Embankment Height

Stability of the GRPE decreased for an increase in
embankment height, Figure 3, where the pile group geometric
layout (pile spacing and pile cap size) remained constant. For
all embankment heights, global stability is predominantly
influenced by the degree of arching present and the
destabilizing lateral thrust acting outwards from the
embankment centre.

The degree of arching present within the GRPE increased as
the embankment height approached the critical height required
for full arching (defined as 1.4 times the clear spacing
between pile caps in BS 8006, 1995). Figure 3 suggests that
whilst an increase in embankment height resulted in an
improvement in the degree of arching, the improvement in
load transfer efficiency was insignificant in comparison to the
destabilizing lateral forces which resulted in an overall
reduction in global stability.

An increase in embankment height corresponded to a linear
increase in the lateral thrust of the embankment fill acting
outwards. The increase in lateral thrust mobilized an increase
in the lateral deformational response of the pile group, and
resulted in a lower overall global stability for both cases of
side slope steepness, Figure 3.

Vertical deformation of the side slope between the toe of the
embankment and the outer row pile increased linearly with
embankment height. The deformational response of the side
slope was correlated with the overall global stability of the
GRPE structure.
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Figure 2. Safety Factor at failure for a range of geosynthetic
stiffness.

3.3  Embankment Side Slope

GRPE stability increased for a decrease in the steepeness of
the embankment side slope, Figure 4. Under the side slope,
the embankment fill was subjected to lateral stresses due to
the horizontal spreading effect of the slope (Rowe & Li,
2002). Resistance to the lateral thrust must be met by a
combination of tension in the reinforcement, deflection of the
pile head and deformation of the embankment fill (Love and
Milligan, 2003). BS 8006 (1995) assumes that the
geosynthetic platform is almost perfectly rigid. The location
of the outer most pile in relation to the embankment crest is
based on an empirical estimation of Rankine's active earth
pressure. The vertical deformations of the geosynthetic
reinforcement/ embankment fill near the toe of the
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embankment exacerbated the imbalance of passive-active
earth pressure within the side slope, thus mobilizing an
increase in magnitude of the failure mechanism. An increase
in the side slope steepness corresponded to an increase of
vertical deformation of the reinforcement/fill near the toe
(Jennings and Naughton, 2011), mobilization of horizontal
deformation in the fill and a reduction in stability.
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Figure 3. Safety factor at failure for a range of embankment
heights.
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Figure 4. Safety factor at failure and embankment side slope
steepness (1V:xH).

As the side slope steepness increased, the differential
between the passive and active earth pressure mobilized a
lateral deformational response in the embankment fill
outwards from the embankment centre until equilibrium was
achieved. The resultant deformational response of the fill
yielded deflection of the pile head and a subsequent decrease
in structural stability.

An increase in the steepness of side slope (1V:6H—1V:3H)
resulted in a linear decrease in structural stability, Figure 3. A
further increase in the steepness of the side slope
(1V:3H—1V:2H) signifcantly reduced the structural stability
of the embankment. An increasingly dominant active earth
pressure in the side slope resulted in an increase in the
destabilization rate for an increase in embankment side slope
steepness.
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3.4  Pile Group

Increasing pile centre to centre spacing within the pile group
had only a marginal affect on structural stabilty, Figure 5(a).
The resistance of pile group to lateral loading is the sum of the
individual piles lateral load capacities. An increase in pile
spacing reduced the number of piles contained within the pile
group extent, thus reducing the total lateral load resistance
capacity of the group, which corresponded to an increase in
pile head deflections and bending moments (Jennings &
Naughton, 2011).

For the 1V:3H side slope, increasing the pile spacing from
1.5m to 3.0m yielded a 0.103 reduction in the safety factor.
Increasing the pile spacing from 3.0m to 4.5m yielded a
0.151 reduction in stabilty, Figure 5a. The stability of the
1V:2H side slope was immune to a variation of pile spacing as
the destabilizing active earth pressure present within the side
slope far outweights the stabilizing influence of a decrease in
the pile centre to centre spacing.

An increase in the pile cap size yielded an increase in the
stability of the structure, Figure 5(b). Increasing the pile cap
size from 0.3 m to 2.0 m increased stabilty by 0.591 for the
1V:3H and 0.021 for the 1V:2H. An increase of the pile cap
size had a more prominant effect on the stability of the 1V:3H
side slope. Similar to the pile spacing, the stabilty of the
1V:2H side slope was unresponsive to a variation of pile cap
size, Figure 5(b).

Increasing the pile cap size reduced horizontal deformation
of the embankment fill outwards from the embankment centre,
and increased the load transfered to the pile heads, thus
increasing the efficiency of the pile group (Jennings and
Naughton, 2011). This resulted in an overall increase in
stability of the GRPE.

The stability of the GRPE increased for an increase in the
outer row pile rake angle, Figure 6(a). The outer row pile rake
angle was varied from 0° to 30° in 5° increments. An increase
of pile rake imcreased the piles resistance to lateral loads (a
portion of lateral load converted into vertical vector and
transferred axially to pile head). Jennings and Naughton
(2011) suggested that a outer row pile rake angle increase
from 0° to 15° yielded the greatest reduction in the horizontal
deformations of the embankment. A futher increase in pile
rake (greater than 15°) corresponded to a reduction in
stability due to the outer row pile head deforming laterally
towards the embankment centre as a result of vertical load
resulting in an increase in embankment fill horizontal
deformation outwards for both side slope steepness, Figure
6(a).

The depth of the soft soil layer, and consequently the length
of the piles, had an insignificant effect on the overall stability
of the GRPE , Figure 6(b). The stability of the structure
remained constant for both a range of soft soil depths and
steepness of side slopes, Figure 6(b). Jennings and Naughton
(2011) suggested that an increase in the soft soil depth would,
by virtue of a corresponding increase in the lever arm length
to the point of full fixity, result in an increase in pile head
deflection and bending moments due to the lateral forces
exerted on the pile head. However, the increase in pile head
deflection as a result of an increased depth of soft soil was not
sufficient to reduce the stability of the GRPE.
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Figure 5. Safety factor at failure for a range of (a) pile
spacing, (b) pile cap size.

The geometric ratio (H/(s-a)) was found to influence the
stability of the structure , Figures 7(a) and (b). An increase in
the pile spacing (reduction of geometric ratio) yielded a minor
reduction in the stabilty for 1V:3H side slope and an
insignificant reduction for the 1V:2H side slope, Figure 7(a)
and (b). Similar to a variation in the pile spacing, an increase
in the pile cap size improved the stability for the 1V:3H side
slope, Figure 7(a) but not for the 1V:2H, Figure 7(b).

3.5  Pile-Soil Interaction

The pile group underlying the reinforced embankment is
required to support the vertical loading from the embankment
and resist the lateral loads due to the horizontal spreading
effect of the embankment fill. The resistance of the piles to
lateral loads is a complex soil structure interaction problem. A
variation of the Young's Modulus of both the pile and soil
enabled the influence of the complex interaction to be
quantified. The pile relative stiffness factor Kz was defined by
Karthigeyan et al. (2003) as:

Kg = Eplp / EsL* (1)

where, Ep is the Young's modulus of the pile, Ip is the
moment of inertia of the pile section, Eg is the Young's
modulus of soil and L is the embedded length of pile
(Karthigeyan et al., 2003).

The stability of the geosynthetic reinforced piled
embankment increased for an increase in pile stiffness
(increase of relative stiffness factor, Kgr) for both side slope
cases, Figure 8(a). An increase in the piles relative stiffness
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factor Ky (increase of piles Young's modulus of flexible pile
(3.5x10° kPa, to that of a stiff pile, E, = 2.8x10’ kPa) yielded
a 0.027 increase in stability for the 1V:2H side slope and a
0.13 stability increase for the 1V:3H side slope. Whilst the
stability of the embankment increased for an increase in pile
stiffness, the improvement in stability was only marginal,
Figure 8(a).
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Figure 6. Safety factor at failure for a range of (a) pile rake
angle, (b) soft soil depth.

Increasing the stiffness of the soft soil layer (decrease of
relative stiffness factor, Kg) underlying the GRPE structure
resulted in an increase in structural stability, Figure 8(b). An
increase in soft soil stiffness from 800kN/m® to 3333kN/m?
increased the factor of safety of the GRPE by 0.2 for a 1V:3H
side slope and only marginally for the 1V:2H side slope,
Figure 8(b).

Similar to other parametric variations of the GRPE
structure, the 1V:2H side slope yielded an insignificant
improvement in structural stability for a pile/soil increase in
stiffness, Figure 8(a) & (b). An increase in the side slope
steepness from 1V:3H to 1V:2H mobilized an increase in
magnitude of the failure mechanism that dominated any
improvement in stability by a variation of the geometric
layout of the GRPE structural members. The stability of the
GRPE was most responsive to an increase in the soil stiffness,
Figure 8(b), in comparison to the pile stiffness particularly for
the 1V:3H side slope.
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Figure 7. Safety factor at failure for a range of geometric
ratios for (a) a 1V:3H side slope, (b) a 1V:2H side slope.

4  CONCLUSION

A finite element stability analysis using Plaxis 2D V9.0 of a
GRPE, which investigated the influence of the pertinent
geometric and characteristic embankment, pile, soil and
reinforcement properties on the overall structural stability,
was presented.

The analysis indicates that structural stability was most
sensitive to embankment side slope steepness and the
embankment height. An increase in side slope steepness
mobilized both vertical and horizontal deformation of the
embankment fill and reinforcement near the embankment toe,
thus decreasing the owverall stability of the structure. The
analysis suggests that the side slope has an influence on the
overall performance of the structure and not just at the
extremities.

An increase in the pile cap size, geosynthetic reinforcement
stiffness, pile stiffness modulus, soft soil stiffness modulus
and a reduction of side slope steepness, embankment height
and pile centre to centre spacing increased the stability of the
geosynthetic reinforced piled embankment.

The pile-soil interaction of the pile group and its influence
on the stability of the geosynthetic reinforced piled
embankment was deemed most sensitive to the stiffness of the
soft soil. However, the complex pile soil interaction cannot be
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accurately modelled as a 2D problem. Further analysis to
calibrate the 2D pile-soil interaction and its influence on the
stability of the geosynthetic with a 3D problem would be
required. A 2D analysis of the geosynthetic reinforced piled
embankment has a tendency to under estimate the bending
moments and deflections of the piles.

The degree of improvement for a variation of geometric
layout is a function of the side slope steepness. The greater the
steepness of the side slope, the lower the improvement in
stability.

Slope stability considerations dictate the necessity of an
extension of the pile group extents further toward the
embankment toe than presented suggested in BS 8006 (1995).
Future studies on the influence of the outer row pile location
are required. The subsequent development of an empirical
expression of the most advantageous location of the outer row
pile that is cognisant of the previous studies of the conditions
near the extremities of GRPE's is necessary.
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Figure 8. Safety factor at failure for a range of relative
stiffness factors Ky for (a) a range of pile stiffness, (b) a range
of soil stiffness.
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Analysis of interface friction effects on microtunnel jacking forces
In coarse-grained soils

Ciaran C. Reilly* and Trevor L.L. Orr*
'Department of Civil, Structural and Environmental Engineering, University of Dublin, Trinity College, Dublin 2, Ireland
email: creillyl@tcd.ie, torr@tcd.ie

ABSTRACT: Microtunnelling is an important trenchless construction technique that is used to successfully install essential
utility pipelines in increasingly congested urban centres around the world. An important consideration for a microtunnelling
project is the magnitude of the jacking force that will be required to advance the microtunnelling shield and the string of product
pipes from the starting shaft to the receiving shaft. Frictional resistances along the surface of the pipeline have a major
contribution to the total jacking force. This paper considers the frictional resistance mechanism involved in advancing concrete
pipes through a coarse-grained soil and describes laboratory testing carried out with the aim of physically modelling the process.
Comparisons are made with case histories from microtunnelling projects recently completed in coarse-grained soils.
Recommendations are made on predicting likely jacking forces in advance of future projects.

KEY WORDS: Microtunnelling; Pipe-jacking; Interface friction; Coarse-grained soils.

1 INTRODUCTION

The use of microtunnelling as a cost effective, safe and
environmentally sound means of providing utility pipelines is
slowly being accepted in Ireland [1], while the technologies
have been in extensive use elsewhere in the world for a great
many years [2]. The prediction of jacking forces during a
microtunnelling project is important for reasons of economy
and to establish confidence in the proposed method of works,
but these predictions are quite difficult due to the complex
soil-structure interactions present [3]. The ground resistances,
which the jacking force must overcome, are a combination of
face resistance at the front of the shield and frictional
resistance along the surface of moving pipeline, which
increases as more pipes are added. The frictional resistance
tends to be much greater in magnitude than the shield face
resistance. It is more readily related to quantifiable pipe-soil
interactions than the face resistance, which can be heavily
operator-dependent [4]. As lengths demanded of microtunnels
get longer [5, 6], and curved drives become more common
[7], the mechanism of frictional resistance is an obvious area
for further study with the objective of proposing suitable
methods to predict and reduce it.

Several factors effect the generation of skin frictional
resistances during a pipe jacking operation [8, 9]:

o  Type of soil and variation along the pipeline
Normal stresses acting on pipeline
Roughness of pipeline surface
Contact conditions between pipe and soil
Overcut during excavation
Position of water table
Type and consistency of lubricant (if any)
Duration of stoppages during driving
e  Pipeline misalignment and/or curvature.

All of these factors are in some way related to the properties
of a thin zone of intensely shearing material in the contact

zone between a jacked pipe and the soil. The soil in this zone
will be extensively reworked and remoulded as the pipeline
advances at rates upwards of 30mm/minute. Much research
has been undertaken on the shearing mechanism between soil
and construction materials [10-15]. The main factors shown to
affect interface friction behaviour under direct loading are
interface roughness, soil density, mean particle size, particle
angularity and normal stress across the interface. Uesegi et al.
[12] performed simple shear tests between air-dry sand and
concrete which showed that the peak coefficient of friction
depends on the maximum peak-to-valley surface roughness
(Rmax) Of the concrete and the mean particle size (Dsg) of the
sand. It was found that as the normalised roughness increases,
a critical roughness is reached after which the coefficient of
friction ssumes a peak value, as shown in Figure 1.
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Figure 1. Coefficient of friction reaches a peak value at
critical normailsed roughness of steel, R, = Rya/Dso [11].
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Many studies have attempted to model the behaviour of the
soil being sheared between a jacked pipe and the soil. Zhou
[16] carried out numerical modelling using interface elements
and found that in coarse soils the pipe separates or almost
separates from the surrounding soil over a large proportion of
the upper pipe surface area, and that normal stresses between
the pipe and the soil over this part are low. Phelipot et al. [17]
used a device similar to an annular shear apparatus to meaure
the effects of overcut and lubrication on the advance of a
model micro tunnel boring machine and pipe string. Iscimen
[18] and Staheli [4] describe tests carried out using a novel
shear testing apparatus capable of accepting curved sections
of pipe. Shou et al. [19] use a simple apparatus to quantify the
impact of different lubricant mixes on the jacking forces in
sandy laterite gravel. In all the studies referred to above, large
variations were reported between the experimental modelling
results and field measurements. A common uncertainty is the
contact area between the pipeline and the soil.

This paper gives preliminary results from physical
modelling carried out using coarse-grained soils in order to
better understand the pipe-soil interface present in pipe
jacking. These results are compared to the frictional stresses
observed during a humber of pipe jacking operations, and an
attempt is made to relate measured field values to the results
of physical modelling.

2 JACKING FORCE PREDICTION

In microtunnelling, a force Py Needs to be provided to
advance the microtunnelling shield and the string of product
pipes behind it through the ground. Py, needs to overcome
the combination of the face resistance at the front of the
shield, Pr and the skin friction resistance along the pipeline,
Ps:

Piotar = Pr + Ps 1)
2.1 Face resistance

Face resistance has been found to be dependent on operator
influence, and as such is hard to predict. The face resistance
must be maintained higher than the active earth pressure and
lower than the passive pressure in order to prevent settlement
or heave on the surface, and must be adjusted on site to suit
the conditions encountered [20].

2.2 Frictional resistance

Depending on the stability of the soil during pipe jacking, the
pipeline may slide along in an open bore, or the soil may
collapse onto the pipe barrel. These two cases will produce
markedly different frictional resistances, although even when
the soil has collapsed onto the pipe, arching in the ground
above the collapsed soil will reduce the normal stress acting
on the pipe barrel below the initial in-situ value [21].

As the effective angle of friction, ¢’, defines the shearing
resistance of a soil, the angle of interface resistance, 6, defines
the shearing resistance of an interface. The interface friction
angle is usually less than the effectice angle of friction. For
convenience, an interface friction coefficient, p, is defined:

u=tand (2
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Eventual collapse of an excavated face is inevitable in a
coarse-grained soil due to lack of undrained shear strength,
although there is some evidence that suction effects in
partially saturated coarse-grained soils may allow for some
stand-up time, and short term stability. Stability can also occur
if correct lubricant pressure is maintained during pipe jacking.
The case histories in Section 4 will elaborate on this.

2.2.1

For coarse-grained soils, the frictional resistance acting on a
pipe string sliding in a stable bore is a function of the weight
of the pipes and the frictional properties of the pipe-soil
interface:

Stable ground

Pe=p-W (3)

where W is the weight of the pipe string per linear metre and
L is the length of drive. If the bore is located in ground water,
the bouyant weight of the pipeline should be used:

Ps=p- (W — TV DTIZ’) 4)

where v,, is the unit weight of water and Dy is the outside
diameter of the pipeline, shown in Figure 2.

Unstable Bore

Stable Bore

Figure 2. Stable and unstable bore situations.

2.2.2

The frictional resistance acting on a jacked pipeline in
unstable ground is a function of the normal force acting on the
pipeline, N, and the coefficient of frict